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Abstract

Structural design optimization for the seismic action is a complex process due to several different
factors, from the non-convex and non-differentiable nature of the optimization problem to the existence
of discrete variables as well as design code limits. For these reasons, the classic gradient-based
optimization methods are not ideal to be used for structural optimization. In this work, meta-heuristic
optimization techniques are employed, concretely evolutionary algorithms, which are used for the
seismic design optimization of reinforced concrete bridges. Bridges with spans between 20m and 45m,
total length up to 1000m, and piers under 30m in height were studied. A multi-objective optimization
methodology is defined, which allows the optimization of bridges using more than one fithess function
simultaneously. With this methodology, several works are developed with different goals, such as,
revising behaviour factors used for reinforced concrete bridge design, definition of conceptual design
strategies for bridges with different irregularity profiles and different total lengths, and also development
of predictive seismic response and surrogate models based on machine learning techniques. The theme
of spatial variability of the seismic action and its effect on long bridges was also developed. This effect,
which is associated to loss of coherency of the seismic action between distant points, has significant
impact in structures with long footprints. Long bridges are an example of such structures, and spatial
variability of the seismic action applied to long reinforced concrete bridges is a theme about which there
are not many published studies. The thesis overall presents a set of methodologies for analysis and
optimization, which have the goal to provide mathematical formalism and automatize design processes
which design engineers already perform in an informal way, based on their experience via trial and error.
It is expected that these methodologies complement the design engineer's work. The thesis also
presents a set of results and design strategies for bridges with different lengths and irregularity profiles.
All the results are obtained by taking advantage of the ductility of reinforced concrete structures and

abandoning some of the classical seismic design preconceptions from force-based design approaches.

Keywords: Nonlinear seismic analysis; Structural optimization; Evolutionary algorithms; Seismic design

of RC bridges; Spatial variability of seismic actions.
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Resumo

A otimizacao do dimensionamento de estruturas para a acgéo sismica é um processo complexo devido
a varios factores, desde a natureza ndo convexa, ndo diferenciavel do problema de otimiza¢éo, bem
como a existéncia de variaveis discretas e limites impostos pelos cddigos de dimensionamento. Por
estas razfes, os métodos classicos de otimizagdo com base em gradiente, ndo sao ideais para utilizar
no ambito de otimizacdo estrutural. Neste trabalho, séo utilizadas técnicas meta heuristicas de
otimizacdo, concretamente algoritmos evolutivos, 0s quais sdo utilizados para a otimizacdo do
dimensionamento sismico de pontes de betdo armado. Pontes com vaos entre 20m e 45m, com
comprimento total até 1000m, e com pilares com menos de 30m de altura foram estudadas. E definida
uma metodologia de otimizacdo multiobjectivo que permite a otimizacado de pontes com mais do que
uma funcgéo de fitness em simultdneo. Com essa metodologia sédo desenvolvidos varios trabalhos com
diferentes objectivos, tais como, revisdo dos coeficientes de comportamento para pontes de betédo
armado, extracdo de regras de dimensionamento com base no histérico de pontes analisadas através
do algoritmo de otimizacdo, e aplicacdo a pontes com diferentes perfis de irregularidade de pilares e
de comprimento total da ponte por forma a definir estratégias de dimensionamento com base em
irregularidade e comprimento, e também o desenvolvimento de modelos preditivos de resposta sismica
com base em técnicas de machine learning. Também foi desenvolvido o tema da variabilidade espacial
da acc¢éo sismica e o seu efeito em pontes longas. Este efeito que esta associado com a perda de
coeréncia da accdo sismica entre pontos afastados, e tem maior impacto em estruturas que sejam
extensas por natureza. As pontes longas sdo um exemplo disso, e a aplica¢céo de variabilidade espacial
da accdo sismica a pontes longas de betdo armado é um tema sobre o qual ndo existem muitos estudos
publicados. A tese globalmente apresenta um conjunto de metodologias de analise e de otimizacao, 0s
quais tém por objectivo dotar de formalismo matematico e automatizar alguns processos que 0s
engenheiros de projecto ja fazem de forma menos formal com base na sua experiéncia e através de
tentativa e erro. Espera-se que estas metodologias sejam, por isso, um complemento ao trabalho do
engenheiro. A tese também apresenta um conjunto de resultados e estratégias de dimensionamento,
para pontes de comprimentos e perfis de irregularidade de pilares diferentes. Todos estes resultados
sdo obtidos tirando o maximo partido possivel da ductilidade de estruturas de betdo armado, ao
considerar a acgdo sismica como um misto de for¢a aplicada e deslocamento imposto, abandonando

algumas preconceg0es classicas de dimensionamento com base em for¢cas aplicadas.

Palavras-chave: Analises sismicas nao lineares; Otimizacdo estrutural; Algoritmos evolutivos;

Dimensionamento sismico de pontes de betdo armado; Variabilidade espacial da ac¢ao sismica.
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1 Introduction

In this thesis, the author presents novel optimization techniques and developed methodologies, which
apply those techniques to the optimization of a certain type of common RC bridges. Even though all
case-studies belong to a single bridge typology, many of the conclusions can be generalized to other
typologies. Furthermore, the methodologies presented herein can be applied to any type of structure
and/or action, thus not being exclusively applicable to RC bridges, nor being exclusive for the seismic
action. These methodologies are applicable to any problem and are particularly advantageous when
applied to problems with certain characteristics, which will be presented in later chapters.

The relevance/importance of this thesis’ output can be divided into different categories: 1) Development
of structural optimization methodologies which can be emulated and applied to other types of structures
and problems; 2) Application of the optimization methodologies obtaining results for the calibration of
Eurocode 8 (CEN 2005) behaviour factors and a ductility-irregularity function; 3) Application of the
optimization methodologies to long irregular bridges with results allowing to extract design rules based
on bridge irregularity classifications; and 4) Application of spatially variable seismic ground motions to
long bridges, identifying how spatial variability influences the displacement demand of piers along
regular and irregular bridges. The relevance of these four outputs is of different types, where 1)’s
importance is associated to the methodology applied and less regarding the obtained results, 2) on the
other hand, has more relevance in the obtained results. In the case of 3), its results are important but,
most of all, the qualitative conclusions and subsequent design rules are relevant. Finally, 4) is important
regarding the methodology for obtaining spatially variable ground motions and the results of their
application to the bridge case-studies, defined herein. In addition to these points, this thesis shows how
different factors influence the ductility of concrete elements and how the traditional design methods do
not take full advantage of that ductility. Additionally, this thesis shows how machine learning techniques

and parallel computation can be employed to improve the efficiency of works in structural engineering.

Optimization can have several meanings and it is usually associated to minimization problems, such as
minimization of weight, or minimization of cost (which are in many cases equivalent). It is common to
assume that the result of an optimization procedure is a solution that is better than every other solution,
or some solution which is at the limit of a defined feasible region, i.e., the collection of solutions that do
not violate any feasibility constraint such as design code limits. Due to this, optimization is frequently
regarded with some scepticism since there is rarely such a thing as an optimal solution in real world
problems. Also due to the notion that by reducing something in excess, the obtained result might be so
close to the infeasible region that any slight change in design variables, site conditions or prior
knowledge might result in the previously optimal solution becoming infeasible. In this thesis, it is shown
that this is not always the case and the idea of optimization is not fixed to a given objective, and the
results are only optimal regarding the optimization objectives that were chosen. In multi-objective

optimization, where the output is composed by more than one solution, there is no single optimal solution



but rather a set of non-dominated solutions that comprise several trade-offs between objectives. The
same problem can also be modelled with more than one set of optimization objectives, which result in
different optimal solutions, further reinforcing the idea of inexistence of global optimality. As mentioned
above, the concept of optimization is frequently associated with minimization of cost or weight, but there
can be several other optimization objectives, which cannot be optimized concurrently and that result in
interesting solutions. Such objectives as maximization of performance/safety/resistance, which is
frequently employed in this thesis, against cost minimization, or maximization of design standardization.
Another notion surrounding optimization is that optimization results are case dependent, i.e., that the
results of an optimization procedure are only applicable to the problem that was optimized. While this
may be true to some extent, the collection and analysis of optimization results for different case-studies,
and the results obtained within each search procedure can be used to find patterns and clusters in the
data correlating good performance to specific variables, or to solutions with certain characteristics. This
information gain can result in the definition of generalized design rules, or the definition of criteria for
separating solutions into groups with similar behaviour. This falls into the realm of the concept of data
mining, which is the extraction of knowledge from data sets, and can be obtained through the use of
appropriate machine learning techniques, and large amounts of data. The former concerns the
methodologies and techniques presented herein, while the latter concerns the maximization of
computation capability which is made possible through parallel computing.

The reasons for having researched and employed these methodologies in this thesis were that the
design of long bridges, particularly irregular bridges is usually a task based on some trial and error, past
experience and force-based elastic design techniques, many of them based on incorrect notions about
the ductility demand of RC elements. This thesis intends to provide, not only, new approaches and
methodologies, but also a different mind-set regarding the design of irregular RC structures. These
notions are obtained from the analysis of the results of tens of thousands of analysed bridge solutions
from different case-studies concerning different bridge lengths, irregularity layouts, and other design

variables, etc.

This thesis is thus multidisciplinary in the sense that it is not limited to structural engineering or
earthquake engineering but tries to add value by stretching outwards to other disciplines, particularly in
the realm of machine learning, to generate new approaches and attain new perspectives, in some cases,
and confirm existing ideas, in other cases. The research for the development of this thesis gave origin
to three already published papers (Camacho, Horta, et al. 2020) (Camacho, Lopes and Oliveira 2020)
(Camacho, et al. 2021), and two other currently under review, as well as another paper presented at an
international conference (Camacho, Horta and Lopes 2020).
The outline of this thesis is the following:
e The 1%t (current) chapter is composed by introductory remarks and overview of the work
with explanation of objectives and motivations in pursuing the chosen approaches.
e The 2" chapter covers general concepts on ductility and seismic design of bridges, usual
seismic design approaches and their fallacies regarding seismic behaviour, ductility, etc; a

parametric study on the effect of different properties and variables on RC elements ductility;



new seismic design approaches and bibliographic research on the current state-of-the-art;
domain of application of the study, with description of types of RC bridges in terms of
dynamic behaviour; concept of long bridges and short bridges, regular bridges and irregular
bridges, and corresponding irregularity profiles; the types of analysis that can be performed
given the type of bridge, in terms of irregularity profile and length, that is, the effects of
higher modes and methods of analysis that can capture those effects; finally, the choice of
earthquake action and respective ground-motions to be used in subsequent chapters.

The 3 chapter introduces optimization in the mathematical sense, presenting both
traditional gradient-based optimization methods and the employed meta-heuristic
optimization methods.

The 4% chapter builds on the methods presented in the 3 chapter and applies them for
bridge seismic optimization. In this chapter a framework for multi-objective optimization is
introduced, and the link is made with the rest of the work, with the presentation of the
application of evolutionary optimization techniques in the field of structural and earthquake
engineering. This chapter then goes onto presenting the modified NSGA-II algorithm (Non-
dominated Sorting Genetic Algorithm 1), which is employed throughout the thesis, and its
application to a case-study bridge. The entire chapter is based on the following paper
(Camacho, Horta, et al. 2020).

The 5" chapter applies the optimization methodology, presented in the previous chapter, to
the optimization of the seismic design of bridges in the longitudinal direction. The results
are used to calibrate/confirm the values prescribed by EC8 for the behaviour factors of
ductile bridges. This, in addition to the definition of a pier irregularity measure, resulted in a
new expression that returns an approximate value of the real behaviour factor. The entire
chapter is based on the following paper (Camacho, Lopes and Oliveira 2020).

The 6™ chapter takes on the seismic analysis of bridges in the transverse direction and
applies different approaches to both short and long, regular and irregular bridges. In this
chapter, results from tens of thousands of dynamic analyses are processed and generalized
behaviours are identified. Measures such as RSI (Relative Stiffness Index) and other
stiffness related indices are employed to categorize bridges according to length and
irregularity. From these results, design rules are proposed for different bridge categories.
The entire chapter is based on two submitted papers currently undergoing peer review and
a conference paper (Camacho, Horta and Lopes 2020).

The 7t chapter investigates the influence of spatial variability in ground motions on the
dynamic behaviour of long bridges, both regular and irregular. A methodology for obtaining
SVSGMs (spatially variable seismic ground motions) that are compatible with the theoretical
coherency models and with a given reference power spectrum is presented. A sensitivity
analysis is performed over various parameters including wave propagation velocity and
coherency loss, and the effects on regular and irregular bridges with various lengths are
compared. At the end, many assertions are made on whether SVSGMs have negative

impact on bridges, and in what way. The entire chapter is based on the following paper



(Camacho, et al. 2021). This chapter was added due to the lack of information in the
literature on the impact of spatial variability on these types of structures. Spatial variability

can impact the seismic design optimization results, especially for long bridges.

In the aforementioned chapters, the analyses are performed on a single bridge typology, concerning the
deck’s and piers’ cross-section. There exist several variations of RC bridges in terms of pier cross-
section, deck cross-section, span length, insertion in a curve, etc. There are also different ways to deal
with seismic action, particularly through all sorts of dissipation devices. Regardless, the results and
notions obtained in this thesis can be generalized to other bridge typologies. Concerning the
fundamental period of vibration of the analysed bridges throughout the thesis (considering the elements
effective stiffness), it varies essentially due to the variation of both diameter and flexural steel
reinforcement, mostly between 0.4s and 1.5s. This range corresponds to the zones of the spectrum of
constant acceleration (<0.6s) and constant velocity (>0.6s).

The seismic analyses did not take into consideration the vertical component of the seismic action, this
was decided for the sake of simplification, since it would add more complexity to the seismic analyses
without significant variation in the results due to the relatively small importance of the vertical component
in these types of analyses for these types of structures. The vertical component is also not always
available in sets of real ground motions, which is the case in this work.



2 General concepts of seismic design and ductility of

reinforced concrete elements

2.1 Historical background, revision of concepts and myths of seismic

design

Earthquakes are essentially imposed displacements on structures, even though historically they were
(and still are) reduced to equivalent forces for design purposes.. Nowadays, it is amply known that a
design that is based on giving the structure the ability to both deform and limit its imposed deformation,
originates structures that are very well equipped to resist the seismic action.

Itis clear that, for systems that remain with elastic behaviour, force-based design is perfectly adequate.
However, regarding seismic actions, it is frequent that structures develop significant plastic behaviour,
i.e., material nonlinearity. In these cases, design based on elastic analysis, without properly considering
energy dissipation, force redistribution and a correct ductility assessment, originates inadequate and/or
ineffective structures in resisting seismic actions.

The employment of traditional force-based design techniques based on equivalent inertia forces has
historical background in earthquake engineering. It is naturally associated to the way civil engineers
design structures for most types of actions, where the structure is designed with strength above the
necessary to withstand the applied forces, otherwise collapse will occur. However, it has been
recognized by some time now that, in terms of structural damage assessment, forces are less important
than displacements when regarding seismic effects. In fact, structures are usually designed with ultimate
strength which is lower than the “elastic” seismic forces, because it is recognized that a well-designed
structure can withstand, in the plastic region, the displacements imposed by the seismic action without
incurring in significant loss of load carrying capacity. This type of design implies damage but not
collapse.

This part of the current chapter is mainly around the concept of ductility and its application to whole
structures and not only at element or cross-section level, which is a fundamental, if not “the”

fundamental, concept regarding this thesis.

2.1.1 Seismic force reduction coefficients and ductility

In Figure 2.1 there are three representations of the elastoplastic behaviour of a pier, representing three
piers with the same mass and initial stiffness, but different ultimate strength. It is assumed that stiffness
is independent of strength, according to the usual design practice of evaluating the stiffness as a function
of the gross concrete sections. This is not true after cracking, however, for simplification purposes and
to clearly convey the ideas in this chapter, this path will be followed for the time being. According to the
equal-displacement theory, which still is largely accepted today, the displacements of a structure

assuming it always remains in the elastic phase, are equal to the displacements in the plastic phase for



the same seismic action (Priestley, Calvi and Kowalsky 2008). Taking this into consideration, the three
aforementioned piers are subjected to the same maximum displacement Amax, Wwhen subjected to the
same seismic action. This way, the concept of force reduction coefficient becomes clear in Figure 2.1
and is henceforth introduced in the discussion. This concept is fundamental for the seismic analysis and
is usually referred to as the g-factor (according to the European terminology embodied in EC8), although
the g-factor is more complex and is composed by a few other factors in addition to the ductility reduction
factor, but this will be explained in-depth later on. For the pier with a fully elastic response, the value of
Fe is reached at the Amax displacement. The other two piers (P2 and P3) are designed to have reduced
strength, Frz and Frs, respectively, which are related to the elastic force Fe through the reduction

coefficients:
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Figure 2.1 Three cases of piers with different force-reduction coefficients. The graph on the right-hand side
shows the force in each pier against the displacement at the top of the pier. Adapted from (Priestley, Calvi, et al.,

Displacement-Based Seismic Design of Structures 2008).

Ductility can refer to available ductility or ductility demand. The first one concerns the capacity of a given
structure or element to deform plastically before reaching a certain limit. The second is the ratio between
the displacement (or other kinematic variable as rotation, curvature or strain) imposed by the seismic
action to the structure or element and the respective yield value. The ductility factor is calculated as

such for P2 and P3:

Amax Fel Amax Fel (2.2)
Uy = =—=R, and Us = =—=R
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Therefore, the strength reduction coefficient (R) takes on the same value as the ductility factor (p) if we
assume the equal-displacement theory. With this in mind, it is clear that for inelastic systems, force has
little preponderance on design, and the capacity to deform and sustain displacements becomes the

most important factor for design. In elastic systems, using displacement or force as a design basis is



equivalent. However, inelastic systems it is more logic to design based on displacements, since

displacements are a much better indicator of damage and performance than forces.

2.1.2 Historical background

Seismic design performed by reducing the seismic action to equivalent forces has, as previously
mentioned, an historical base. According to (Priestley, Calvi and Kowalsky 2008) the origins of modern
seismic design is traced back to the 20s and 30s of the 20t century. After a series of earthquakes that
originated many structural collapses in Japan, in the USA and in New Zealand, in an age where there
was very little seismic design being done, it was concluded that the structures that were designed to
withstand horizontal action due to wind loads had presented better seismic performance. From that point
on, the seismic action began to be defined as an equivalent horizontal force equal to a percentage of
the structure’s weight, regardless of its period of vibration.

In later decades, around the 50s and 60s, research on seismic action and better comprehension of its
nature allowed to associate the structure’s period of vibration with the respective seismic inertia force.
At the same time, dynamic time-history analysis began to be performed, which allowed to verify that
many structures had resisted earthquakes that would have induced inertia forces, calculated assuming
elastic behaviour, clearly above the ones the structure could resist. From these observations the concept
of ductility is used in order to explain the “anomaly” of the non-collapse of these structures with
“insufficient” strength. Subsequent formulations relating ductility and force-reduction coefficients are
defined with the goal of providing a better predictor of the seismic inertia forces imposed on a structure
during an earthquake.

In the 1970s and 1980s, ductility became the largest focus of earthquake engineering research, with
experimental testing to attain the ductility of different structural elements and different materials under
cyclic loading. The constitutive relationships of materials were first defined. This marked the first
deviation from the seismic force-based paradigm. The seismic force began to be estimated with force
reduction coefficients that reflected the expected available ductility of the structural system. Even so as
today, design was done with the goal of attaining the design seismic forces, while available ductility and
ductility demand were only verified after design.

It is only in the 1990s that research focuses more on the structures’ ability to withstand displacements.
The concept of performance-based seismic design (PBSD) is introduced, and it has been developed
since then. In the last few decades, concepts such as displacement-based design, stiffness-based
design, and others, have been introduced, and a larger emphasis on the stochastic nature of the seismic
action and the uncertainty of the materials’ properties has been given. Life-cycle cost methodologies
(LCC) and risk-based frameworks are currently in the forefront of research. Large-scale computational
analysis capabilities have allowed to begin applying methodologies based on machine learning
techniques to extract more knowledge from large datasets of analysed structures. The present thesis is
an example of the application of such methodologies to the seismic design of reinforced concrete

bridges.



2.1.3

Current force-based design methodology

The current design methodology (force-based) has been improved throughout the decades and new

design methodologies have been introduced in the last decades, as previously mentioned. Regardless,

most design codes still promote force-based design, which many times originate inadequate seismic

design solutions. In fact, force-based seismic design is still, nowadays, performed based on a series of

myths and fallacies (M. N. Priestley 2003). The generic design procedure for a structure with a single

degree-of-freedom is presented in the following:

1)

2)

3)

4)

5)

6)

7

The structure’s geometry is pre-designed according to good practice notions, pre-design
heuristics and/or past experience. The idea is that the final design has the same geometry or,
at least, a similar geometry to the pre-designed one.

The stiffness of the cross-sections and elements are determined. How the stiffness is estimated
varies from code to code, and within codes. The stiffness of an element can be assumed as the
full uncracked stiffness, a percentage of this stiffness, a cracked stiffness, or an effective
stiffness. A common effective stiffness that is used concerns the stiffness measured at yield.

In this step, the modal analysis of the structure is done, obtaining the vibration modes and
respective frequencies. A rule of thumb defines 95% cumulative mass associated to the modes
as the threshold to define relevant modes.

The design spectrum is determined. Here the main issue is the definition of the behaviour factor
(g-factor), which is analogous to the strength reduction coefficient. This coefficient depends on
several factors, but it is essentially associated to ductility. The g-factor affects the elastic
spectrum to obtain the design spectrum. The codes usually define a maximum behaviour factor,
which is usually somewhat conservative. This is verifiable via nonlinear analysis.

The inertia forces are calculated and distributed between the elements according to the stiffness
of the elements. The steel flexural reinforcement is determined so that the strength of each
element is higher than the internal forces in the element generated by the inertia forces. The
confinement of the cross-sections is also determined in order that available curvature ductility
exceed the corresponding curvature ductility demand.

Following is the analysis of imposed displacements. Here, displacements are deemed
admissible by either comparing them to maximum drift values, or by comparing them to
maximum displacements estimated from the cross-section’s confinement. If the displacements
are inside these limits, the design process is concluded. In case they are not, the stiffness of
the elements is modified after which we go back to step 3.

The principles of Capacity Design are applied, where it is guaranteed that plastic hinges only
appear in expected pre-determined sections in each element. This is fundamental for multi-

degree of freedom systems.



2.1.4 Fallacies associated to traditional earthquake design

1) Interdependency between strength and stiffness
Most expressions to obtain the element’s flexural stiffness are independent from the amount of flexural
reinforcement, and consequently, independent from the elements’ flexural strength. The expression that

relates stiffness and strength is:

gl = (2.3)

RS

Where ¢ represents the cross-section’s curvature and M represents the respective bending moment.
The assumption of initial stiffness independent from the amount of reinforcement, that is, constant for
the same cross-section geometry, implies that the yield curvature is directly proportional to the cross-
section’s resisting bending moment, as seen on the left-hand side of Figure 2.2. In the detailed analysis,
which will be presented in subsequent sections, it will be shown that, in fact, the yield curvature is
essentially independent from the resisting bending moment and depends mainly on section geometry
and axial force influence. What effectively varies with the yield bending moment is the cross-section
stiffness, which is schematically shown in Figure 2.2.

M1 M1
MZ MZ
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Figure 2.2 Different models for moment-curvature relationships. The model on the left-hand side is based on
the assumption that cross-section stiffness is independent of cross-section strength, and the model on the right-
hand side assumes that the yield curvature is independent from cross-section strength. Adapted from (Priestley,

Calvi, et al., Displacement-Based Seismic Design of Structures 2008).

2) Validity of the equal displacement theory
The concept of ductility has been introduced in the beginning of Chapter 2, alongside the equal-
displacement theory. However, this theory has some limitations. First, and according to (Priestley, Calvi
and Kowalsky 2008), the equal-displacement theory is not exact regarding attained displacements. That
is, the elastic displacements are different from the nonlinear displacements for both long and short
period structures, due to the large variation of nonlinear displacements for different levels of ductility
demand, since the ductility demand affects energy dissipation, which in turn affects the nonlinear

displacements. Thus, it can be said that equal-displacement theory is applicable for medium period
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structures, while for long period structures it tends to overestimate displacements, and underestimate

displacements for short period structures.

3) Irregular structures
Traditionally, the longitudinal seismic design of a structure such as the one in Figure 2.3, would be
performed by assessing the elastic flexural stiffness of each vertical element (inversely proportional to
the cube of each element’s length), the sum of which corresponds to the structure’s stiffness which is
used to calculate the structure’s period and subsequently, the inertia forces from the design spectrum.
In the end, these inertia forces would be distributed between the vertical elements (piers) proportionally

to their elastic stiffness.
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Figure 2.3 Bridge example with unequal piers. Adapted from (Priestley, Calvi, et al., Displacement-Based
Seismic Design of Structures 2008).

The result from such a design procedure, is that the strength is concentrated essentially in the shortest
pier, while the same cross-section size is kept for every pier. The piers, other than the shortest one,
become essentially secondary elements in terms of strength and stiffness.

By using this design method that makes use of the elastic properties, the distribution of the horizontal
inertia forces among piers is done by giving each pier the strength that corresponds to the intersection
of its force-displacement graph with the vertical line that corresponds to the yield displacement of pier
C in Figure 2.3. At this stage, the issue regarding the yield curvature has been corrected, having been
set as equal for all piers. Since the yield displacements of the longest pier is much higher than that of
the shortest pier, and the length of the plastic behaviour is similar, this results in a clear sub-usage of
the ductile capacity of the longest piers, and an overload of the shortest pier as seen in Figure 2.4. In

the following, the drawbacks from this situation will be discussed.
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Figure 2.4 Force-displacement graphs of the piers from the bridge in Figure 2.3. Adapted from (Priestley,

Calvi, et al., Displacement-Based Seismic Design of Structures 2008).

Assuming the connection between the pier and the superstructure as fixed, distribution of the inertia
forces among the piers, resulting in Va, Ve and Vc, is done proportionally to Ha3, He® and Hc?, since the
lateral stiffness of the piers is given by,

_3.El (2.4)

=7

4

K;

The consequence from this is that the base bending moments in each pier have values of,

3.EI 3.El
FAHL = F

l l

(2.5)
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That is, the bending moments are inversely proportional to the square of the piers’ lengths. From here
it follows that the shortest pier will have a much larger amount of flexural steel than the other two piers,
as previously mentioned. This situation has three drawbacks:

e The first is that, by placing more flexural steel in the shortest pier, this pier’s stiffness increases
even more relatively to the other two piers, which makes this design strategy somewhat
ineffective and inefficient. So, any subsequent design iteration in which the stiffness was
updated, for instances considering the reinforced concrete cracked sections, would imply even
larger strength to be placed in the shortest pier.

e Second, by having an element with a much larger flexural capacity, which in turns means a
much larger shear demand than the others, the likelihood of having a fragile collapse due to
shear increases. The structure might not be designed to resist only on the other two piers, since
the strength of both piers is too small to be able to withstand the loss of the shortest pier, let

alone the fact that shear failure may affect the vertical load bearing capacity.
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e Third, the ability of the shortest pier to withstand displacements is reduced with such a
significant increase of flexural steel, since this increases the ultimate curvature due to the
increase in the depth of the compressed area of the critical cross-section. This can precipitate
collapse of the pier due to excessive compressive strain in the concrete. This will be shown later
on, in depth.

4) Relationship between strength, available ductility, and ductility demand.
It has been mentioned that it is becoming less uncommon for design engineers, after a pre-design based
in Eurocode 8 prescriptions, to perform a verification via either inelastic pushover analysis or nonlinear
dynamic analysis, in order to confirm the design in question, namely, to be sure about the employed
behaviour factor for the seismic design. If, due to the results from the nonlinear analysis, the design
engineer has to re-design the structure, he may eventually do that by increasing the strength of the
structure, assuming that increases the ability of the structure to withstand the earthquake. However, it
is known that in many cases, particularly in the case of bridges, this is not true. That is, the increase in
strength does not imply the increase in earthquake resistance, in fact, it may be the opposite.
Regarding some of the usual assumptions in earthquake resistant design and considering that most of
them originate from the fact that traditionally structural designers are used to model actions as applied
forces, it is clear why there is the idea that the increase in strength correlates to an increase in structural
safety. However, this is based on a few common misconceptions, both conveyed by Figure 2.5, which
are:

e The stiffness of an element is independent from its cross-section’s strength.

e The equal-displacement theory is always applicable.

Forces
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Figure 2.5 Incorrect relationship between force and displacement. Adapted from (Priestley, Calvi, et al.,

Displacement-Based Seismic Design of Structures 2008).
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An 8-meter-high pier is given as an example, with flexural steel reinforcement ratio varying between
0.5% and 4.0%, taking as reference value 1.5%. The pier has a cross-section with a 1.8m diameter and
a reduced axial force of 0.05, which is close to the expectable values for bridge piers. Figure 2.6, which
is taken from (Priestley, Calvi and Kowalsky 2008), shows the effect of the variation of the flexural steel
reinforcement, and consequently, the strength of the cross-section, on other characteristics such as
available ductility.

1.5 7 «, Avallable

*ductility Stiffness

1 Displacemen available/demand

0.5 —

Ratio of the various parameters w ith

the reference case

Ratio of the flexural steel
reinforcement

Figure 2.6 Values of displacement, available ductility, force, stiffness, and ductility demand for different
values of flexural steel reinforcement ratio in percentages. The values are normalized by the reference case with
1.5% flexural steel reinforcement ratio. Adapted from (Priestley, Calvi, et al., Displacement-Based Seismic Design

of Structures 2008).

An analysis of Figure 2.6 shows that force and stiffness are linearly correlated with the increase of
flexural steel reinforcement. Regarding the available ductility, it is reduced with the increase in flexural
steel reinforcement, which is later confirmed through the study of the influence of several RC cross-
section properties on the values of yield curvature and ultimate curvature. With a flexural steel
reinforcement (fsr) ratio of 0.5%, that ductile capacity is about 30% higher than that of the reference pier
with an fsr of 1.5%. With an fsr of 4%, that same ductile capacity is 20% lower than the reference value.
Consequently, the maximum allowed horizontal displacement follows the same trend as the ductile
capacity, which corroborates the idea that the yield curvature is essentially independent from the fsr,
since by keeping the yield curvature constant, the yield displacement also does not change and so it
follows that if the available ductility is reduced, so must be the ultimate displacement of the pier. Thus,
it becomes clear why the increase in strength of the cross-section is not necessarily a good solution

when attempting to increase the seismic resistance of a structure. The reason is that, if the safety of a
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structure hinges on its ductility reserve, the increase in fsr precipitates some loss of that ductility. This
can be verified in Figure 2.6, where there is an almost constant line that concerns the ratio between
available ductility and ductility demand. This value is kept almost constant instead of reducing because
besides the loss in ductility, the increase in fsr also precipitates a decrease of the imposed displacement
of the earthquake, and so the ductility demand also decreases with the available ductility. Now, it was
assumed that this pier belongs to a bridge whose period of vibration belongs to the interval of constant
velocity of the earthquake spectrum, that is between 0.6 (for far-field events according to the Portuguese
National Application Document to EC8, Part 1) and 2.0 sec. That way, the increase in stiffness due to
the increase in fsr implies the decrease of the period of vibration, which in turn leads to an increase in
the inertia forces but lower than the increase in stiffness, therefore it implies a decrease in the
displacements the structure will have to withstand. This results in having an almost constant available
ductility/ ductility demand ratio with only a slight decrease for larger values of fsr. From this, it can be
concluded that there is no significant increase or decrease in the seismic resistance of the structure
(measured by the seismic action the structure can withstand). In these conditions, with an increase of
fsr, and so it follows that the fsr should not be increased with the explicit purpose of improving seismic

performance, especially concerning critical piers and single DOF structures.

5) Necessity of development of seismic design methodologies
It is known that in the last few decades, seismic design has focused more on ductility and displacement
demand. The design codes have been improved with the inclusion of rules concerning ductility, stiffness,
and yield displacement estimation. These improvements have usually been made concerning
displacements and ductility since the main shortcomings of design codes have usually concerned the
assessment of both. Regardless, the main focus of most design codes remains associated to forces and
strength, and the inclusion of ways to estimate ductility and effective stiffness plus the incorporation of
nonlinear analysis as a posterior check fall into (Priestley, Calvi and Kowalsky 2008)’s definition of a
“Force-Based/Displacement Checked methodology. However, these improvements alone are not
sufficient to make an efficient and effective seismic design that addresses the real needs, economy of
construction and seismic performance, if an adequate seismic assessment is not performed and an

adequate design methodology is not employed, particularly concerning bridges.

2.2 Ductility of reinforced concrete (RC) elements subjected to imposed

displacements

Ductility is an invaluable structural characteristic for the seismic performance of structures since without
it most structures cannot withstand seismic actions because seismic actions often force structures to go
into inelastic behaviour. Even for other actions, ductility is like a hidden reserve strength, as ductile
structures have larger capacity to redistribute internal forces without collapse.

For many years, the traditional design assumption for the moment-curvature relationship has been that

it is constant, regardless of the structure’s strength, as the models are elastic. This incorrect perception
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is pointed out in (M. N. Priestley 2003) and (Priestley, Calvi, et al., Displacement-Based Seismic Design
of Structures 2008) and implies that yield curvature depends on the section’s strength, when in reality it
doesn’t. This has very important implications on ductility and earthquake resistance of RC structures,
and is in the core of the methodology presented in this thesis. One of the implications is that more
strength is not equivalent to more structural safety.

As mentioned previously, the objective of this thesis is to introduce a design optimization methodology
that takes advantage of the ductility of structures to provide different design solutions for different bridge
case-studies. For this, a correct assessment of what and how ductility is influenced by different
characteristics and properties is essential. Ductility, at the cross-section level, is defined by the yield and
the ultimate curvature. Both are assessed in this chapter, which is based on the work of (Brito 2011).
To assess the ductility of RC elements, in this section the analysis will be applied to a pier/column, fully
restrained at the bottom and with a rotational restraint at the top, to which a displacement is imposed at

the top, as shown in Figure 2.7. This column has a constant circular cross-section.

i e

_|—

Figure 2.7 Column example with monolithic connection at both ends but subjected to imposed displacements
at the top.

There is, of course, a relation between the imposed displacement at the top of the pier and the
curvatures of the cross-sections at the pier's extremities. Thus, the curvatures can be thought of as
externally imposed to the pier’'s cross-sections. Now, considering the column is not subjected to any
axial force, it is possible to estimate the yield curvature of the cross-section by force equilibrium,
assuming that the maximum strain in the fsr corresponds to the yield strain. By knowing the value of the
curvature and the location of the neutral axis, the strain diagram of the cross-section is easily obtained,
which then allows to calculate the stress in the materials in any point of the cross-section, as can be

seen in Figure 2.8.
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Figure 2.8 Position of the neutral axis at yield, and the stress and strain diagrams of the concrete cross-

section.

The bending moment installed in the cross-section can be obtained through integration, from the
following expression:

_ (2.6)
M—Jﬂaydﬂ

Through this approach, there are a few details that become apparent concerning the behaviour of RC
elements subjected to imposed displacements:

e The position of the neutral axis almost does not vary with the variation of the cross-section’s fsr,
as long as the same distribution of the steel reinforcement is preserved in the cross-section.
This can be confirmed by cross-section analysis.

e The material strain in the cross-section at yield depends essentially on the size of the cross-
section in the bending plane, as long as the neutral axis’ position does not vary significantly.

e From the two previous points, one can conclude that at yield there is no significant variation of
the strain diagram when the fsr varies. As such, the stress diagram also does not vary.

e The previous points allow to conclude that the strain diagram and the yield curvature are
independent from the fsr and independent from the yield bending moment. In fact, the yield
bending moment is a property that depends on the amount of flexural steel reinforcement (fsr).

Considering all of these implications, one can be led to conclude that the current design process is
based on applied forces and follows a logic that is an approximation, that at large deformations may be
a gross approximation, because the design bending moment and fsr are dependent of each other, as
moments depend on stiffness, which is a function of fsr, which depends on the bending moment.

In the traditional approach of seismic design:

e The design bending moment is an input for the analysis of the cross-section, obtained from the
global structural analysis.

e The amount of fsr is then defined with the purpose of resisting that design bending moment.

e The curvatures and strain diagrams depend on the applied bending moment and the amount of

fsr.
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It is clear that this design logic is not compatible with interdependencies between fsr, stiffness, applied
forces and ductility, and stems from the adaptation to seismic design of the design methodologies for
other types of actions. If the design of a structure subjected to imposed displacements is done correctly
and if the structure has enough ductility to sustain those displacements, then the structure does not
even need resistance to inertia forces, as is the case with underground structures where the inertia
forces are directly transferred to the surrounding soil by beams/slabs and peripheral walls.

In the case of above ground structures, there is need to resist inertia forces, and so the work performed
in this thesis looks to balance ductility and strength, providing the best ways depending on the structure’s
characteristics. It will become clear that the amount of fsr in each pier can be somewhat arbitrary, as
long as some conditions are respected. The same methodology also allows the design engineer to have
some control over the structure, avoiding fsr distributions that either make the structure, or some
columns, too stiff attracting too much horizontal forces, or too flexible to attract a relevant part of those
horizontal forces, leading to damage in stiffer columns, or if it refers to all columns, lead to excessive
horizontal displacements, causing excessive 2" order effects.

The methodologies presented herein explore a few aspects of seismic design and dynamic behaviour
of structures, which have to do with the ability of the structure to redistribute forces between elements
with very different initial stiffness, the ability to respond differently to the same action due to different
design approaches (different stiffness distributions). The effects on ductility and stiffness of a series of

factors become apparent, as axial force, fsr, cross-section size, etc.

2.2.1 Analysis of a column subjected to imposed displacements

In this thesis, all of the case-studies have piers with circular cross-sections. The main reason is that
circular cross-sections are ideal for bi-directional bending because circular cross-sections do not have
principal directions of inertia due to radial symmetry. Regardless, there is little difference between the
behaviour of circular and rectangular cross-sections in terms of ductility, and so all of the conclusions
that are valid for circular cross-sections are also valid for rectangular cross-sections, except those where
tensile reinforcement is concentrated in a single layer near the edge and with no web reinforcement,
something that does not exist in real bridge columns. This is made clear in the work of (Brito 2011), and
for that reason, in this section, a circular cross-section is used for the analyses, which concern the ability
to accommodate displacements which are imposed through monotonic loading.

The distribution of flexural steel reinforcement (fsr) is radially uniform, and the cross-section is compact.
Hollow cross-sections are not analysed, however, the qualitative differences between hollow and
compact cross-sections are mentioned later on.

As mentioned, circular cross-sections are employed throughout this thesis and most of this section
concerns circular cross-sections. However, for the first analysis two cross-sections, one circular (cross-
section A) and one rectangular (cross-section B), are compared in terms of ductility. The objective is to
show how steel distribution influences ductility, since the rectangular cross-section will only have fsr
concentrated near the extreme fibres associated to a given bending direction. Of course, this fsr

distribution is not common nor possible in most cases because the element has to have strength in both
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directions, but the example is, nonetheless, useful to have an idea of the effect that a shallow neutral
axis has on ductility. This first analysis comparing cross-section A and B are taken from (Brito 2011).

Concrete’s constitutive relationship refers to confined concrete. In Figure 2.9, cross-sections A and B
are presented, with their respective fsr distribution. The cover concrete was set at 6cm thick measured
outward starting at the midpoint of the fsr. The strength of the cover concrete was discarded from the

models. Figure 2.10 and Table 2.1 show the constitutive relationships for both concrete and steel, for
this first example.

Section A Section B

A A

[ ] [ ] [ ] [ J [ ]

Aa L+t 1t 1

1.00 X 1.00 X
— —
\ 4 L] ° L4 L] L] A 4
o 1.00 -

Figure 2.9 Cross-sections A (circular) and B (rectangular). In both, Aa corresponds to half of the flexural

reinforcement area.
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Figure 2.10 Steel and concrete constitutive relationships used in cross-sections A and B.

Table 2.1 Values for material properties used to build the constitutive relationships.
Esy (%0) Esu (%0) Osy (M Pa)
2.175 200 435

Ecy (%0) Ecu (%0) fe (M Pa.) feu (M Pa) fet (M Pa)
2.0 15.0 35 25 0

For each type of cross-section, the author in (Brito 2011) performed the analysis for three different

amounts of fsr, which are shown in Table 2.2, so that the effect that the amount of fsr has on the RC
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element’s ductility becomes apparent. For both cross-sections, the distribution of the fsr is done
according to the scheme in Figure 2.9, and the value of Aa in both Figure 2.9 and Table 2.2 corresponds
to half of the total amount of fsr in both cross-sections A and B. The reason is to have a comparable
amount of fsr in both cross-sections, since for cross-section B fsr is located near the edges in only one
direction, while for cross-section A fsr is distributed radially.

Table 2.2 Amounts of flexural steel reinforcement used in both A and B cross-sections.

Case 1l | Case 2 | Case 3
Aa(cm?) | 20 50 125
% fsr A 0,51 1,27 3,18
% fsr B 0,40 1,00 2,50

In Figure 2.11, the moment-curvature diagrams, for both cross-section cases and concerning all fsr

quantities, are shown.
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Figure 2.11 Moment-curvature diagrams of both cross-sections (A and B) reinforced with the reinforcement

amounts given in Table 2.2.

It can be seen that the variation of the amount of fsr generates different results for both cross-sections.
In the case of cross-section A, it is clear that the variation of the amount of fsr greatly influences the
ultimate curvature. This effect stems from the increase of the depth of the neutral axis at rupture with
the increase in the amount of fsr, due to that fsr being uniformly distributed around the cross-section. In
the case of cross-section B, the fsr is concentrated near the extreme fibres of the cross-section, and as
such, the compression force is almost entirely absorbed by the fsr which results in almost no variation
of the ultimate neutral axis and, consequently, the ultimate curvature does not change, even though the
strength of the cross-section varies proportionally. In the case of cross-section A, the increase in
compression strength involves an increase in size of the cross-section’s compressed zone, which affects
the ultimate curvature since the increase of the neutral axis depth at rupture entails higher values of
compressive strain in the concrete for the same value of curvature. It is concluded that, for cross-section
A, the collapse criterium is excessive compressive strain in the confined concrete, due to a relatively
larger compressed zone as the amount of fsr is increased, resulting in a decrease in the steel tensile
strain. In fact, since the ultimate curvatures decrease with the increase in fsr, the conclusion is that the
collapse is conditioned by the compressive concrete strain, at least in the two cases with more fsr. In

cross-sections where the fsr distribution creates this tendency to increase the compressive zone with
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the increase in the amount of fsr, then such an increase is clearly a factor that reduces the cross-section
deformation capacity. In Table 2.3, the results regarding the analysis of the moment-curvature diagrams

are presented.

Table 2.3 Results for cross-sections A and B regarding bending moments, curvatures, depth of neutral axis,
effective stiffness, etc.

Section A

Elsec M, My,
Aa u Cy Cu My Mu — - -
Case o X Ag Ag Ag

em? | ®%/m) | (%om) | m) | m) | &Nm) | (kNm) oy | am | daum)

1 20 3.104 160.535 | 0.179 | 0.093 472.24 685.89 76.07 236120 342945
2 50 3.391 97.238 0.239 | 0.154 | 1108.90 | 1615.89 65.40 221780 323178
3 125 3.772 67.577 0.303 | 0.221 | 2604.85 | 3751.29 55.25 208388 300103
Section B
Elgec My, My,
Case Aa Xy Au Cy Cu My Mu Aq Aq Aq

em? | %o/m) | ©@om) | (m) | (m) | (kNm) | (kNm) N my | dvm)

1 20 2.870 | 229.029 | 0.122 | 0.008 | 716.28 765.36 124.78 358140 | 382680
2 50 3.105 | 229.335 | 0.179 | 0.009 | 1789.92 | 1914.05 | 115.29 357984 | 382810
3 125 3.444 | 229.641 | 0.248 | 0.009 | 4415.22 | 4785.02 | 102.56 353218 382802

The variables presented in the previous tables are the following:

xy — Yield curvature

xu— Ultimate curvature

¢y — depth of the yield neutral axis

cu — depth of the ultimate neutral axis (related to the ultimate curvature)
My — yield bending moment

Mu — ultimate bending moment

Elsec — effective stiffness at yield <= %)
y

In Table 2.3 itis clear that the neutral axis at yield and, consequently, the yield curvature doesn’t undergo
significant variations in both cases. In fact, a 525% variation in the amount of fsr originates a mere 21%
variation in the depth of the yield neutral axis, while the yield bending moment varies proportionally with
the fsr. Thus, it can be concluded that the yield curvature of the cross-section depends essentially on
the steel’s yield strain, cross-section’s geometry and the distribution format of the fsr (and not its
quantity). Figure 2.12 shows, more clearly, the effect of the variation of the fsr's amount on the value of
the yield curvature. The two strain diagrams refer qualitatively to cases 1 and 3 from Table 2.2 and Table
2.3.
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Figure 2.12 Strain diagrams for Aa cases 1 and 3 (Table 2.2 and Table 2.3)

Regarding Figure 2.13, it refers to the relationship between yield curvature and yield bending moment,

and the subsequent link between yield stiffness and cross-section strength.
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Figure 2.13 Relationship between yield curvature and yield bending moment and consequent link between

yield stiffness and strength.

In Figure 2.13, point 1 represents yield for a given amount of fsr. By doubling the amount of fsr, the
bending moment also doubles which, through a linear elastic analysis (LEA), takes us from point 1 to
point 2’, since M = Ely, and in a LEA El is constant. What happens in reality is different, the strength of
the cross-section increases in the same proportion as in the LEA case, however, the yield curvature
does not change, which takes us to point 2. So, the key issue here is that the assumption that the cross-
section’s stiffness is independent from the amount of fsr, as it happens in LEA, is totally different from
what happens in reality after initial cracking. The reason for this is that concrete cracking totally modifies
the stiffness and position of the neutral axis and introduces the effect of the fsr in the cross-section’s

stiffness.
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There is, nonetheless, a small variation of the yield neutral axis with the increase in fsr for both types of
cross-sections. This slight variation has to do with the increase in the tension force at yield which has to
be countered by an increase of the compressed zone/area. As a result, the tensioned zone is smaller,
which leads to larger yield curvatures. Quantitatively, these values are different between both cross-
section types because of their difference in shape and particularly in the distribution of fsr.

The rupture mode that is verified in cross-section A is due to excessive compressive strain in the
concrete, for the two cases with more fsr. Conversely, for cross-section B, the rupture mode that takes
place is by excessive tensile strain in the fsr. The concentration of the fsr close to the extreme fibres, in
cross-section B, is what originates this difference in behaviour compared to cross-section A. The neutral
axis depth at rupture in the case of cross-section B, which is always very shallow for every fsr amount
(cu=0), has an impact on the ultimate curvature, resulting in a constant ultimate curvature value for any

€

amount of fsr. This is in line with the ultimate curvature expression y, = h“: , from Figure 2.12, which
—tu

for a constant cu value (= 0) remains constant for a given cross-section. As for cross-section A, the
variability in the ultimate curvature value results from a significant variability in the position neutral axis

at rupture and subsequent variability in the value of cu. In the case of cross-section A, the expression

for the ultimate curvature, y,, = SCC—“ concerns the concrete compressive strain instead of the tensile steel
u

strain. In real structures, it is more common to find this latter behaviour than the one seen for cross-
section B. The simple fact that the seismic action can present itself in many directions, plus the need to
design structures for other types of loads as well as code rules for the placement of fsr, means that it is
usually not possible to have fsr distributions as in cross-section B, that is, only concentrated at the
extreme fibres. As a result, ruptures from excessive tensile strain in the steel don’t happen in practice
for RC piers. The existence of axial compressive forces in the piers also increases the neutral axis depth
and the tendency to rupture to take place on concrete and not on steel.

The most interesting result from this analysis might be perhaps what concerns the yield curvature due

to the implications that this result has regarding the current seismic design methodology. As mentioned

€

before, the yield curvature, y, = =

siy, has almost no variation with the variation of the amount of fsr,
which results from the invariance of the location of the neutral axis at yield (cy), for reasons already
referred to. The implication of this is that it is not possible to avoid the yield of a cross-section by varying
the amount of fsr when the action is imposed displacements. Therefore, a structure designed with a
unitary behaviour factor, or as a Low Ductility structure according to EC8, will go into yield for the same
imposed displacement as a High Ductility structure designed with a higher behaviour factor (assuming
equal cross-section shape and size). The consideration of the results for cross-section A led to conclude
that the increase in fsr, is not necessarily correlated with an increase in resistance for seismic actions,
quite the contrary, due to the reduction of available ductility. The other conclusion is that an RC element
can be designed with any amount of fsr as long as the group of RC elements has enough resistance to
sustain the inertia forces.

Another factor that influences the capacity to accommodate displacements is the size of the plastic
hinge/s that form/s in the RC element. This size has to do, among other things, with the constitutive

relationship of the steel, particularly with the post-yield hardening and the ratio between osu and Osy.
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A few ideas can be reinforced with this example. First, it becomes clear that the available ductility
depends on the amount of fsr. As such, it is not possible to design a structure that will be subjected to
imposed displacements, without before assuming an initial amount of fsr, necessary to evaluate the
member stiffness, which in turn is necessary for global analysis. This results in a type of iterative design
procedure in which the fsr in each cross-section is part of the input and not only part of the output.
Another notion is that cross-sections with larger amounts of fsr are less ductile, and so it is not a very
good idea to attempt to increase the resistance of an RC element to imposed displacements by
increasing its strength through the inclusion of a larger amount of fsr, since that is not beneficial in terms
of the element’s global ductility.
In general terms, the procedures that can improve the ductility of an RC element, up to this point, are:
e Increasing the capacity of the RC cross-section to accommodate larger compressive strains
(increase the ductility) by ways of adequate confinement.
e Decrease the depth of the cross-section’s neutral axis, via concentrating the fsr close to the
extreme fibres.
e Notincreasing the depth of the neutral axis through the inclusion of more fsr, with the objective
of resisting imposed displacements.
In the case of bridges, the second point can be difficult to manage, since piers have to have fsr for
bending in both directions, not only due to the possibility of the seismic action in both directions, but also
due to the existence of other loads and actions such as temperature, and creep and shrinkage in the
concrete. As for the first point, it is the most fundamental point regarding the ductility of RC cross-
sections, and will be mentioned throughout the thesis. In fact, ductility of RC cross-sections is only
possible if the cross-sections are adequately confined. As for the third point, it is attained indirectly by
ways of seismic design optimization and consequent improvement in the distribution of the fsr among
piers.
However, it should be taken into account that the decrease in the amount of fsr is only possible to a
certain point, which concerns the ability of the element to resist the permanent loads and the structure
as a whole to resist the seismic inertia forces. As such, the definition of how much inertia force the
element has to resist and the size of the cross-section are of big importance, since the cross-section’s
size is more influential to the element’s ductility than the decrease in depth of its neutral axis.
In the following section, an analysis on the several factors that influence the ductility of a RC element

are studied individually.

2.2.2 Factors that influence the ductility of an RC element

It has been said that the core of the approach that is suggested in this thesis is the ability of RC elements
to sustain imposed displacements, in other words, the ductile capacity of RC elements. In the previous
section, some characteristics have been presented that influence the ductility of RC elements. In the
following section, other factors that influence ductility of RC elements are presented and studied.

The ductile capacity of RC elements depends, essentially, on the following factors:

e Shape and size of the cross-section
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e Strength of the materials and ultimate strain of concrete

o Distribution of flexural steel reinforcement (fsr) and the ratio between the fsr under compression
and the fsr under tension.

e Axial force

e Relation between the steel’s ultimate stress and yield stress and post-yield stiffness

e Shear force

e Slope of the descending part of the concrete’s constitutive relationship

It is easy to understand that the first four points can be studied through analysis of a cross-section. In
the first point, concerning the cross-section’s shape, has already been partially discussed, and will not
be further pursued. The reason is that the two most common cross-sections for bridges have already
been analysed and, in this thesis, only circular cross-sections are considered in the case-studies. This
is representative of other cross-section shapes, as in real situations part of the flexural reinforcement is
distributed between the extreme fibres of the flexural plane. However, regarding the cross-section’s size,
it will be shown that its variation, in the bending direction, affects the ductile capacity of an RC element
significantly, even more so than the fsr.

The analysis of the other points will be done resorting to the presented column example, in Figure 2.7.
The shear force effects and the effects concerning the slope in the concrete’s constitutive relationship
are approached qualitatively. Before initiating the analysis on the influence of the cross-section’s size
on its ductility, it is important to mention that the concrete compressive strain and its ultimate value
define the cross-section’s ability to deform, and the exceedance of said ultimate value constitutes the
criterium for collapse, both in these analyses and throughout the rest of the thesis. Therefore, whichever
the factor being studied, its impact on ductility has to do with that factor either affecting the concrete’s
ultimate compressive strain or affecting the depth of the critical cross-section’s neutral axis.

Since ductility is the ratio between ultimate curvature and yield curvature, the following study on the
impact of several factors on ductility is divided into two sections, the first concerning the impact on the

yield curvature and the second on the ultimate curvature.

2.2.2.1 RC cross-section’s yield curvature

The vyield curvature of a RC cross-section depends mostly on the cross-section’s shape and size,
normalized axial force value and the steel reinforcement’s yield strain. The steel reinforcement’s yield
strain depends on the quality of the steel. That will not be varied since A500 NR SD steel will be used
in all test cases and case-studies, as it is the type of steel that is generalized in civil construction.

Mean values were adopted for all material properties, which are presented in the following table.
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Table 2.4 Material properties used in the constitutive relationships of concrete and steel.

Concrete

(C30/37)

fem (MPa) 38

Ecm (GPa) 33

€& (unconfined)

%) 3.5
Steel (A500NR)

fym (MPa) 585
Eym (GPa) 200
€su (%o) 94

Also, since the study is being performed always considering circular cross-sections in the piers, the size
of the cross-section and the normalized axial force in each pier are the main factors that influence the
yield curvature.

2.2.2.1.1 Cross-section’s size

The larger the cross-section diameter is, the lower the corresponding yield curvature. The vyield
curvature, contrary to past beliefs in seismic engineering, is almost invariant for a given cross-section,
if the variation of axial force is reduced. In fact, in EC8 - part 2 annex C (CEN 2005), which addresses
the estimation of the effective stiffness of RC ductile members, there is an expression for the
approximation of the yield curvature of RC circular sections. This expression only depends on two

variables, yield strain of the steel (¢sy) and section diameter (d):

by = 2.4.¢5,/d 2.7)

In Table 2.5, the influence of the diameter of the RC circular cross-section on the yield curvature is
shown. Two values of the yield curvature are shown for each diameter: ¢y, is the curvature value at the
stage in which the steel's yield strain of 2.925%. is reached in the steel reinforcement; ¢y,ecs,
corresponds to the curvature given by equation (2.7) is reached. In the same table, the ratio between

the variation of ¢y and the variation of the diameter value, is presented.

Table 2.5 Influence of the diameter of the RC circular cross-section on the yield curvature.

D (m) 1.2 1.6 2 2.4
D-cover (Dcore) (M) 1.14 154 1.94 2.34
% long. Steel reinf. 1.50% | 1.50% | 1.50% | 1.50%

v (norm. Axial F.) 0.15 0.15 0.15 0.15
€sy /1000 2.925 | 2.925 | 2.925 | 2.925

Py,ecs 6.16 4.56 3.62 3.00

dy 4.66 3.46 2.76 2.29

variation ¢y -26% -41% -51%
variation Dcore 35% 70% 105%
Rate (var @,/ var Dcore) 73.7% | 58.3% | 48.3%
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In Table 2.6 and Table 2.7, the closest points relating to ®y and ®y,ecs were taken from the results of a

non-linear analysis. These tables show the values of the coefficient, which in equation (2.7) is equal to

2.4. They also show bending moment, compressive concrete strain, tensile strain in the steel, yield

curvature, neutral axis depth (dc), etc.

Table 2.6 Results relative to yield curvature calculated with cross-section analysis.

Dcore Coef 0

eq. €c %o Ey %o ¢y de (m) dc/Deore
(m) 1
1.14 1.84 | -2.42 2.98 473 | 0.511 0.448
1.34 1.83 | -2.41 2.95 4.00 | 0.602 0.450
1.54 1.82 | -2.40 2.93 3.46 | 0.694 0.451
1.74 1.87 | -2.45 3.01 3.14 | 0.782 0.449
1.94 1.86 | -2.45 2.98 2.80 | 0.874 0.451
2.14 1.85 | -2.45 2.97 2.53 | 0.968 0.452
2.34 1.86 | -2.47 2.99 2.33 | 1.059 0.453

Table 2.7 Results relative to yield curvature calculated with the equation (2.7) found in EC8 - part 2.

Deore (M) | € %o | €% | ®yecs | de(m) | de/Deore
1.14 29 | 41 | 617 | 0471 | 0413
1.34 29 | 42 | 535 | 0551 | 0411
1.54 29 | 41 | 458 | 0637 | 0413
1.74 29 | 42 | 408 | 0720 | o0.414
1.94 29 | 41 | 363 | 0807 | 0416
2.14 30 | 42 | 337 | 0885 | 0414
2.34 29 | 40 | 294 | 0986 | o0.421

In Figure 2.14, both yield points are presented on the capacity curves of the 7 cross-sections with varying

diameter.
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Figure 2.14 Locations of the yield curvatures, ¢y and ¢y,ecs, on the capacity curves of cross-sections with

different diameters.
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The value of the coefficient, in the second column of Table 2.6, corresponds to the coefficient value for
equation (2.7), which originally takes the value of 2.4, in order to obtain the curvature value in column 5
of Table 2.6. The values are all very similar and again the fluctuation in results is due to the step
discretization, which makes it difficult to select the point where the exact strain value of 2.925%. is
obtained. Nonetheless, the values obtained are almost constant but lower than the value of 2.4 in
equation (2.7). In Figure 2.15, both yield points are presented in graphs that show the variation of the
cross-section stiffness (My/yy) with the curvature values (yy), for two section diameters. It is clear that the
two points seem to represent the start of yield, ¢y, and the end of yield, ¢y,ecs, since both define, roughly,

the start and end of the plot segment with largest stiffness variation.
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Figure 2.15 Variation of the cross-section stiffness against curvature values. a) Cross-section diameter

equals 1.6m; b) Cross-section diameter equals 2.4m.

2.2.2.1.2 Axial forcein the element

An increase in the normalized axial force has a negative effect on ductility due to, among other effects,
an increase of the depth of the neutral axis, as the yield curvature increases as the normalized axial
force increases. However, this effect is not as noticeable as the effect of the cross-section’s size, for the
usual normalized axial force values present in bridge piers, i.e., under 0.3. We can see this in Table 2.8,
where the yield curvature variation is shown in a cross-section where the only changing variable is the

normalized axial force, which ranges from 0.05 to 0.3.
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Table 2.8 Yield curvature variation in a cross-section with fixed diameter and varying normalized axial force.

D (m) 1.6 1.6 1.6 1.6
Dcore (M) 1.54 1.54 1.54 1.54
% Isr 1.50% | 1.50% | 1.50% | 1.50%
v (axial F.) 0.05 0.1 0.2 0.3
Esy %o 2.925 | 2925 | 2925 | 2.925
dy,ECs %o 4558 | 4558 | 4.558 | 4.558
Py %o 3.02 3.24 3.64 4.05
var ¢y 7% 20% 34%
var v 100% | 300% | 500%
Rate (var ¢py/var v) 7.1% | 6.8% | 6.8%

In Figure 2.16, both yield points are shown on the capacity curves, one for each value of the normalized
axial force. In a) the cross-sections have 1.6m diameter and in b) they have 2.4m diameter. Since
equation (2.7) does not contemplate axial force, the value for ¢y,ecs does not vary between cases with
the same diameter. In Figure 2.17, ¢y is plotted against the normalized axial force, for diameters 1.6m
and 2.4m. It is clear that the variation is the same. This can be added to equation (2.7), in order to

contemplate axial force in the yield curvature estimation, resulting in equation (2.8).
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Figure 2.16 Locations of the yield curvatures on capacity curves of sections with varying normalized axial

force. a) Cross-section diameter equals 1.6m; b) Cross-section diameter equals 2.4m.
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Figure 2.17 Variation of the yield curvatures against normalized axial force. a) Cross-section diameter equals

1.6m; b) Cross-section diameter equals 2.4m.

¢y = (1.2v +0.82) - 2.4 &5, /d (2.8)

Where v is the normalized axial force.

2.2.2.1.3 Ratio of steel flexural reinforcement in the RC cross-sections at the plastic hinge
locations

The ratio of the longitudinal steel reinforcement has a very big influence on the cracked stiffness of the
cross-section and almost no effect over the cross-section’s yield curvature. In the next analyses, the
ratio of the longitudinal steel reinforcement is the variable, while all other values are kept constant. In
Table 2.9, the main results are shown. One can see that in this case the rate of variability ranges from
1.49% to 0.98%, which clearly shows that the longitudinal steel ratio has a very small effect on the yield
curvature of the cross-section. In Figure 2.18 both yield points are plotted on each capacity curve for
the different cases.

Table 2.9 Yield curvature variation in a cross-section with fixed diameter and varying percentage of

longitudinal steel reinforcement (%lsr).

D 16 |16 |16 |16 |16
Dee (M) | 154 | 154 | 154 | 154 | 154
% Ist 0.60% | 1.00% | 2.00% | 3.00% | 3.50%
v(axialF) | 015 | 015 |015 |015 | o015
5y %ho 2.925 | 2925 | 2.925 | 2.925 | 2.925
Gyecsthe | 456 | 456 | 456 | 456 | 4.56
by %o 337 |340 |347 |351 |353
var ¢y 1.00% | 2.88% | 4.19% | 4.72%
var %lst 67% | 233% | 400% | 483%
ng)z(l‘éf)“by’ 1.49% | 1.23% | 1.05% | 0.98%
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Figure 2.18 Locations of the yield curvatures on capacity curves of sections with varying percentage of
longitudinal steel reinforcement.

2.2.2.2 RC cross-section’s ultimate curvature

2.2.2.2.1 Cross-section’s size

Besides influencing its yield curvature, the RC cross-section’s size also influences its ultimate curvature.
Comparing cross-sections with increasing diameters, and constant values of normalized axial force and
longitudinal steel reinforcement ratio, as the cross-section’s diameter increases the depth of the neutral
axis increases proportionally, which results in smaller curvature values for the same compressive
concrete strain value obtained at the most compressed fibre. In Table 2.10, the variables are presented,
with the results for ultimate curvature and an analysis on the rate of variation of the ultimate curvature
with the cross-section’s diameter.

Table 2.10 Variation of ultimate curvature of a circular RC cross-section with varying of the cross-section’s

diameter.

D (m) 1.2 1.4 1.6 1.8 2 2.2 2.4
D-cover (m) 1.14 1.34 1.54 1.74 1.94 2.14 2.34
% long. Steel reinf. 1.50% | 1.50% | 1.50% | 1.50% | 1.50% | 1.50% | 1.50%
v (norm. Axial F.) 0.15 0.15 0.15 0.15 0.15 0.15 0.15
€cu -0.02 -0.02 -0.02 -0.02 -0.02 -0.02 -0.02
¢u /1000 72.46 | 63.06 | 55.69 | 49.66 | 44.80 | 40.93 | 37.67
variation ¢u -13% | -23% | -31% | -38% | -44% | -48%
variation D-cover 18% 35% 53% 70% 88% 105%
Rate (var ¢u/var D-cover) 73.9% | 66.0% | 59.8% | 54.4% | 49.6% | 45.6%

The rate shows similar values to the rate in Table 2.5, which is related to the impact on the yield
curvature.
In Table 2.11, the ultimate curvature for each cross-section diameter is presented along with the ratio

between ultimate curvature and both yield curvatures.
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Table 2.11 Ratio between ultimate curvature and yield curvature for varying values of cross-section diameter.

D-cover (m) | ¢y /1000 | ¢y,ecs /1000 | ¢u /1000 | du/dy | du/dy,Ecs
1.14 4.73 6.17 72.46 15.32 | 11.74
1.34 4.00 5.35 63.06 15.78 | 11.79
1.54 3.46 4.58 55.69 16.09 | 12.15
1.74 3.14 4.08 49.66 15.82 | 12.16
1.94 2.80 3.63 44.80 15.99 | 12.35
2.14 2.53 3.37 40.93 16.17 | 12.14
2.34 2.33 2.94 37.67 16.16 | 12.83

Figure 2.19 is the same graph as Figure 2.14 but “zoomed out” to show the entire capacity curves, and
to get a better idea of the variation of the cross-section’s ultimate curvature due to varying the diameter.
It is clear that the cross-section’s diameter has a large influence on the ultimate curvature in addition to
the large influence on the yield curvature.
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Figure 2.19 Capacity curves from Figure 2.14 with ultimate curvatures visible.

2.2.2.2.2 Axial force

Axial force has a negative influence on ductility mainly due to the negative influence on the ultimate
curvature of an RC cross-section. This effect is due to the increase in the depth of the neutral axis,
because of the increase in the size of the compressive zone necessary to increase the resultant of
compressive stresses due to the applied axial force. This increase in the depth of the neutral axis means
that for the same values of curvature there is an increase in the maximum compressive strain at the

compressed fibres that are furthest away from the neutral axis. In RC cross-sections, subjected to
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bending and without significant shear effects, the concrete’s ultimate compressive strain is the main
collapse criterium, and is almost always more determinant than the ultimate strain of the flexural steel
reinforcement, since these strain values are almost 10%, while the concrete’s ultimate compressive
strain, even when well confined, seldom reaches 2%. In Table 2.12, the results for ultimate curvature
and an analysis on the rate of variation of the ultimate curvature with the normalized axial force are

presented, for a section with D=1.6m and 1.5% longitudinal steel reinforcement.

Table 2.12 Ultimate curvature variation in a cross-section with fixed diameter and varying normalized axial

force.

D (m) 1.6 1.6 1.6 1.6 1.6 1.6
D-cover (m) 1.54 1.54 1.54 1.54 1.54 1.54
% long. Steel reinf. | 1.50% | 1.50% | 1.50% | 1.50% | 1.50% | 1.50%
v (norm. Axial F.) | 0.05 0.1 0.15 0.2 0.25 0.3
Ecu -0.02 | -0.02 -0.02 -0.02 | -0.02 | -0.02
¢u /1000 69.14 | 61.22 54.33 49.36 | 44.72 | 41.49
variation ¢u -11% -21% -29% | -35% | -40%
variation v 100% | 200% | 300% | 400% | 500%
Rate (var ¢u/var v) -11.5% | -10.7% | -9.5% | -8.8% | -8.0%

In Table 2.13, the ultimate curvature for each normalized axial force value is presented along with the

ratio between ultimate curvature and both yield curvatures.

Table 2.13 Ratio between ultimate curvature and yield curvature for varying values of normalized axial force.

v (norm. Axial F.) | ¢y /1000 | dy,ecs /1000 | ¢u/1000 | ¢u/dy | du/dy.ecs
0.05 3.03 467 69.14 | 22.83 | 14.79
0.1 3.27 4.65 6122 | 18.71 | 13.16
0.15 3.47 4.62 5433 | 15.64 | 11.76
0.2 3.66 458 4936 | 13.50 | 10.79
0.25 3.84 4.67 4472 | 11.65 | 9.58

0.3 4.02 4.63 4149 |10.33 | 8.95

Figure 2.20 shows a set of graphs composed by capacity curves where the axial force is varied. It is
very clear the compressive axial force’s negative effects on the ultimate curvature of the circular RC

cross-section.
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Figure 2.20 Capacity curves from Figure 2.16a) with ultimate curvatures visible.

2.2.2.2.3 Ratio of steel flexural reinforcement in the RC cross-sections at the plastic hinge

locations

The amount of steel flexural reinforcement in RC cross-sections has a significant effect on ductility. This
does not happen due to influence on the yield curvature, which has been shown that it has very little
effect, but because of the effect on the ultimate curvature. In Table 2.14, analysis results for ultimate
curvature and an analysis on the rate of variation of the ultimate curvature with the percentage of

longitudinal steel reinforcement are presented.

Table 2.14 Ultimate curvature variation in a cross-section with fixed diameter and varying percentage of

longitudinal steel reinforcement.

D (m) 1.6 1.6 1.6 1.6 1.6 1.6 1.6
D-cover (m) 1.54 1.54 1.54 1.54 1.54 1.54 1.54

% long. Steel reinf. 0.60% | 1.00% 1.50% 2.00% 2.50% 3.00% 3.50%
v (norm. Axial F.) 0.15 0.15 0.15 0.15 0.15 0.15 0.15

€cu -0.02 | -0.02 -0.02 -0.02 -0.02 -0.02 -0.02

¢u /1000 64.64 | 59.46 54.33 51.20 48.74 46.65 45.12
variation ¢u -8.01% -15.95% | -20.79% | -24.60% | -27.83% | -30.20%
variation %lsr 67% 150% 233% 317% 400% 483%
Rate (var ¢u/var %lsr) -12.02% | -10.63% | -8.91% | -7.77% | -6.96% | -6.25%

In Table 2.15, the ultimate curvature, for each case of longitudinal steel reinforcement percentage is

presented along with the ratio between ultimate curvature and both yield curvatures.
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Table 2.15 Ratio between ultimate curvature and yield curvature for varying values of longitudinal steel

reinforcement.

% long. Steel reinf. | ¢y /1000 | ¢y,ecs /1000 | ¢u/1000 | pu/dy | Pu/dy,Ecs
0.60% 3.38 4.56 64.64 19.10 | 13.91
1.00% 3.44 4.56 59.46 17.30 | 12.86
1.50% 3.47 4.56 54.33 15.64 | 11.76
2.00% 3.51 4.56 51.20 14.60 | 11.04
2.50% 3.50 4.56 48.74 13.91 | 10.59
3.00% 3.52 4.56 46.65 13.24 | 10.11
3.50% 3.56 4.56 45.12 12.69 | 9.68

In Figure 2.21, the graphs show capacity curves of cross-sections where only the amount of flexural
steel reinforcement is varied.
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Figure 2.21 Capacity curves from Figure 2.18 with ultimate curvatures visible.

The reason why the ultimate curvature is reduced with the increase of the flexural steel reinforcement
is because, analogous to what happens with the increase in compressive axial force, the plastic neutral
axis depth is increased.

The compressed area of the RC cross-section is smaller than the tensioned area, since concrete has
very low tensile resistance. By increasing the amount of flexural steel reinforcement homogeneously
along the cross-section’s perimeter, more steel will be placed in the tensioned area of the cross-section,
which means that the compressed area must increase due to internal force equilibrium, resulting in an
increase in depth of the neutral axis from cracking to rupture, and a subsequent reduction of the ultimate

curvature.
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2.2.2.2.4 Strength of concrete and steel
Starting with the effect of concrete quality, for most concretes used in construction the ultimate strain is

ecu = 0.0035 for all types of concrete, but for very high strength concretes (fck > 50Mpa) there is a

reduction in ecu (CEN 2005). Therefore, the analyses presented in this thesis are restricted to the most

common used concretes. In this framework it can be stated that the concrete strength has no influence
on the ability of the RC element to withstand compressive strains.

With a stronger concrete there is a reduction of the depth of the neutral axis, which results in an increase
in ductility. The reason is that stronger concrete needs less area to have the same resulting compression
force. On the other hand, this conclusion cannot be extrapolated for confined concrete, since with the
increase in concrete strength, there is a reduction in ultimate concrete strain. This happens because
with a stronger concrete the confinement is less effective.

Regarding the steel, the use of stronger steel allows to increase the strength of structural elements, thus
allowing to have more slender elements. However, the use of high resistance steel, also increases the
tensile force of the fsr, which for internal force equilibrium in the cross-section implies an increase in
depth of the neutral axis, which results in a loss in ductility. This point shows that it is not good practice
to use high strength steel with low strength concrete, while the opposite (strong concrete and weak
steel) is not necessarily bad. However, to have slender elements with good capacity to resist the inertia
forces it is important to use steel with good strength. In this case, there should be an equilibrium, and
there isn’t a criterion or an expression to obtain the ideal formulation. A good starting point is not using
strong steel with weak concrete and vice-versa, pursuing a middle ground solution. As already referred
to, in the analyses presented in this thesis only steel A500 is considered.

In Figure 2.22, the complexity of the impact of concrete and steel strength on ductility is described with

a flow chart.
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Figure 2.22 Flowchart explaining the effects on ductility of increasing the strength of concrete and steel
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2.2.2.2.5 Shear force

As a general rule, RC elements in bridges, namely piers, have large length to cross-section height ratios,
L/h, which avoid the influence of shear effects in ductility and deformation. There are, however, some
(few) situations where the design leads to having bulky piers, owing this essentially to topographic
impositions and bridge typology. In such cases, shear can have an important influence on the ductility

of those elements and, consequently, on the bridge’s ductility.
The influence of shear force can be measured through the shear ratio A = ‘I/W—h , in which h is the cross-

section’s height in the direction of the shear, and M and V refer to the critical section, usually at bottom
and top of the pier. For elements that are not very slender, in the deformation plane, the A parameter
has a low value due to large shear forces. Such cases have the following effects:
e Reduction of the length of the plastic hinge which reduces its ability to accommodate
deformations and to dissipate energy.
e Reduction of the area inside hysteretic loops due to pinching effects, further reducing the energy
dissipation capacity.
e The tendency to originate ruptures by shear at smaller curvatures than the ultimate curvature.
As such, a high amount of shear force can reduce the local ductility of structural elements. In
RC elements with compact cross-section, adequate amount of transversal steel reinforcement,

and moderate to low axial force, it is unlikely to occur rupture by shear for A > 3.

For circular sections, as the ones employed in the thesis, there is the following relation:

For u = 0.2 and fixed/monolithic connections:

L (2.9)
8s GA, 1.8D? 8s  0.45
5o~ FLI 4 2 Whereb=h gp= T

36T ()

For a length 3 times the height of the cross-section, that in piers with fixed connection on top and
compact cross-section leads to A = 3, the value of the shear displacement is 5% of the displacement
due to bending.

As such, in well-conceived bridge structures, where A > 3 for all piers, shear has little influence in the
structure’s behaviour, and disregarding the shear deformation means that only a slight underestimation
of the available deformation capacity is being inserted in the model. Since nonlinear flexural deformation
mechanism for plastic hinges is the most ductile mechanism for RC elements, every effort should be
made to avoid going into plastic behaviour due to other forces and mechanisms. To that end, the

principles of Capacity Design should be a main concern for structural design.
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2.2.2.2.6 Slope of the descending portion of the concrete’s constitutive relationship.

The constitutive relationship for confined concrete often includes a descending branch after maximum
stress is attained, related to larger compressive strains. This descending branch is due to the
degradation of the concrete at large strains, which has obvious influence on the RC element’s ductility
since this degradation induces an increase in the depth of the neutral axis, which, as already discussed,
reduces the ultimate curvature of the cross-section. The absolute value of the slope of this descending
branch can be reduced through the increase in confinement. Therefore, confinement improves ductility,
not only due to the increase of the ultimate concrete strain, but also due to the slower decrease in

concrete strength in the descending branch of the constitutive relationship.

2.3 Bridge characterization by length, irregularity, and types of deck

cross-section. Indexes for irregularity and length.

It has been realized after past earthquakes that the direction of bridge movement and the nature of the
damage to bridges is highly dependent on the bridge’s geometry and irregularity. The irregularity issue
has been substantially addressed in regard to buildings, however, concerning bridge design, this issue
is still in development (Akbari and Maalek 2018). In a general sense, bridge irregularity has two sources:
a) plan irregularity and b) pier length irregularity. In this thesis, only the latter is considered. The
observations made during past earthquakes have been sufficient to indicate that even bridges with
severe irregularities, due to geometrical characteristics and general configuration, may survive the
design earthquake, provided that special care is exercised in the design process. Therefore, geometry
is one of the most important parameters in the process of bridge design. The author of (Smith 2005)
investigated the real response of the bridges that had been damaged in Northridge due to severe plan
irregularities. He concluded that careful considerations are needed in the case of plan irregularity
resulting from skew, taper and/or curvature.

An important cause for irregularity, and the one studied in this thesis, results from different stiffness of
supporting vertical elements, such as piers, along the length of the bridge. Regarding this type of
irregularity, some works have been done, especially concerning a specific class of multi-span reinforced
concrete bridges with regular and irregular configurations and different degrees of irregularity. This type
of bridge, and these studies have resulted in the development of many key concepts in the seismic
analysis and design of bridges over the last two decades (Kappos, Saiidi, et al. 2012) (Kohrangi, Bento
and Lopes 2015). The bridges analysed in this thesis are also multi-span reinforced concrete bridges
and are similar in terms of typology as these bridges, however the methodologies and goals of this
thesis are significantly different than that of the work that has been developed so far.

In effect, regarding the composition, goals and general theme of the past studies concerning this bridge
typology (multi-span RC bridges), most of the literature can be divided into the analysis of three main
categories: (a) the effect of higher modes and its reflection on the adequacy of different analysis

methods for irregular bridges, (b) the development of the displacement-based design methodology for

37



irregular bridges, and (c) investigating the seismic behaviour of irregular bridges that have seismic
isolation or energy dissipation devices.

The work proposed and performed in this thesis does not fit into any of the three aforementioned
categories. In fact, the goal of the thesis is to present techniques to aid and improve the design of
irregular bridges, and the themes studied in each of the three categories are mentioned only
qualitatively. Regarding (@), in this thesis the decision went essentially towards the use of nonlinear
dynamic analysis (NDAs), and only in the longitudinal direction were nonlinear pushover analyses
(NPAs) used. NDAs are the types of analysis that provide more reliable results with the drawback of
requiring a larger amount of time. However, once the time issues are overcome, there is no reason to
use another type of analysis method. Nonetheless, the findings of past works on the adequacy of
different techniques concerning different irregularities are mentioned. As for (b), in fact displacement-
based design has seen significant evolution in the past two decades, however its nature and the
unfamiliarity of design engineers to the precepts of displacement-based design still makes it unpopular
for use in industry. Furthermore, the methods are not without drawbacks, especially for long irregular
bridges. In the case of (c), there have been many studies and real-world applications of seismic isolation
and energy dissipation devices to bridges, however it is not easy to perform studies about the influence
of such devices due to the unwillingness of most companies that develop these products in sharing the
technical specifications and prices of their products which hinders the ability of performing cost-benefit
analysis. Regardless, the study of how irregularities influence dynamic behaviour and how to design
piers considering the dynamic behaviour is useful for the design with energy dissipation devices. Such
devices are thus only mentioned qualitatively in this thesis.

Central to this thesis is the definition of whether a bridge is short or long, regular or irregular. Regarding
irregularity, there are many definitions, and it can be associated to either dynamic behaviour, mechanical
properties, such as position of the centre of stiffness in relation to the centre of mass, or merely a visual
assertion based on the existence of piers with different lengths and their position along the bridge. The
length can also influence whether a bridge is regular or irregular depending on the regularity definition
being used, for example, if the regularity definition concerns the dynamic behaviour then length is a
factor. In addition to the definition of regularity, the definition of whether a bridge is long or short is one
of the central issues studied in this thesis, because as will become clear, the definition of a bridge as
long or short is important to the design of the piers. There are several indexes that can be used to define
either regularity or bridge length category (short/long) and some of them will be applied in this thesis,
with one in particular being central to the work. In the following sections, the definition of regular and
irregular bridges is further explored, and the regularity indexes are presented. After that, a linear elastic
seismic analysis is performed on a set of bridges with varying characteristics, and two indexes are used
to interpret the results, RP (Regularity Parameter) and RSI (Relative Stiffness Index). Section 2.3 closes
with two sections, one concerning the actual categorization of bridges according to irregularity and
length, which will be used throughout the thesis. The last section refers to the admissibility of different

seismic analysis methods regarding bridge length and type of irregularity.
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2.3.1 Definition of regular and irregular bridges

Various definitions for regularity of bridges have been proposed and as previously mentioned they follow
different criteria, however they are all based on a similar concept, which is to differentiate bridges which
have a THDP similar to a parabolic shape, or in other words, essentially dependent on a first vibration
mode, from others in which the dynamic behaviour is reasonably influenced by upper modes. In the
following a few definitions from the literature are mentioned, however it should be said that the definition
in this thesis follows more of a visual definition of regularity mixed with some criteria from these following

definitions.

1) A bridge is considered regular, according to (Akbari and Maalek 2010), (Fischinger 2003),
(Isakovic and Fischinger 2000) and (Isakovic, Fischinger and Kante 2003), if its responses
from different analysis methods do not show significant differences. Hence, irregular bridges
comprise all those whose response shows significant differences between different analysis
methods. This is in line with the inadequacy of simplified methods to be applied for the
analysis of irregular bridges, due to not being able to capture their behaviour. In Section
2.3.4, the eligibility of different methods for bridges with certain types of irregularity is
analysed.

2) A bridge is considered regular if its dynamic behaviour is not affected by the contribution of
higher modes consisting of components acting in the same direction, (Akbari and Maalek
2010), (Fischinger and Isakovic 1999), (Isakovic and Fischinger 2005), (Isakovic and
Fischinger 2006), (Isakovic, Fischinger and Kante 2003), (Isakovic, Lazaro and Fischinger
2008) and (Maalek, Akbari and Maheri 2009). Conversely, for irregular bridges the effect of
higher modes on the response is usually considerable. This is very much related with the
previous point, since simplified methods of analysis are only based on the first vibration
mode, and that is the reason why such methods are not eligible to be applied to irregular
bridges. However, this definition is somewhat flawed since very long bridges with pier
regularity can show significant influence of higher modes on its dynamic behaviour.

3) A bridge is considered regular if the centre of mass of the structure coincides with its centre
of stiffness. In these cases, the translational modes of vibration dominate the seismic
response in the transverse direction and the rotational ones (rotations about a vertical axis)
are not excited, thus not participating in the seismic response. By contrast, an irregular
bridge’s dynamic behaviour is composed by both translational and rotational modes of
vibration, (Alvarez Botero 2004) and (Restrepo 2006). However, this definition of irregularity
is not valid for bridges with symmetric irregularities regarding the centre of mass, and so it
is a definition that is not general by any means. Furthermore, short bridges with asymmetric
irregularities that have a dynamic behaviour similar to a first vibration mode due to the high
stiffness of the deck relatively to the stiffness of the piers, would count as irregular even
though its dynamic behaviour would be defined as regular according to the two previous

points.
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4) A bridge is considered regular if its modal shapes (taken from the elastic modal analysis)
do not show significant differences from the corresponding modal shapes of the associated
bridge without the piers’ resistance in the transverse direction. This definition is related to
one of the most well-known regularity indexes, which is presented in the next section and

is also employed in this thesis, the Regularity Parameter (RP).

Most of the modern codes for the seismic design of bridges allow the use of a wide range of methods
for the seismic analysis of bridges, from very simple elastic to very sophisticated inelastic methods. The
simpler methods include uniform load (UL), single mode (SM) and multi-mode (MM) analysis while the
sophisticated methods include various types of nonlinear static pushover analysis (SPA) methods as
well as nonlinear dynamic analysis (NDA) using time-histories. The discussion concerning the types of
seismic analysis that can be employed depending on the type of irregularity, takes place in a further
section.

Concerning the issue of regularity, Eurocode 8, Part 2 (CEN 2005) uses “moment demand to moment
capacity” ratios to somewhat guarantee simultaneous failure of piers of different heights on irregular
bridges. This criterium is commented on in the chapter that concerns the study of the behaviour factors
for RC bridges.

In the next section, different regularity indexes are presented among which are the two which are

employed in this thesis.

2.3.2 Indexes for irregularity and length

In (Akbari and Maalek 2018) a comprehensive description of the state-of-the-art of regularity parameters
is made and the following is based on that work. There are various regularity indexes that have been
proposed by different authors, and most of them refer to techniques that perform operations on the
eigen-vectors of the bridge’s vibration modes, usually comparing the predominant modes of the bridges
with and without piers. For example, the regularity parameter (RP) proposed by (Calvi, Elnashai and
Pavese 1994) compares the dominant mode of vibration of a deck without the piers, with the dominant

modes of the whole bridge (with the piers). The proposed index, RP, is computed as follows:

L. 0 (A B2 (2.10)
o | LA(01 Mo0)

Where ¢# and ¢? are, respectively, the ith normalised eigen-vector corresponding to the entire bridge
(referred to as the model A) and the normalised eigen-vector corresponding to the deck without piers
(model B). M and n are, respectively, the mass matrix of the deck and the number of modes. The
presented expression ranges from 0 to 1, where the value of 0 happens with an irregularity profile that
causes the bridge’s real modes to be completely different of the modes of the same bridge without piers
(same deck in this case), and 1 where there is total correspondence between the bridge’s modes with

and without piers. A bridge is therefore deemed as regular if the RP value is close to 1. The modes that
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should enter the expression are the modes that combined account for more than 95% of the bridge’s
mass.
In the continuation of this study, a new index was proposed (Calvi and Pavese 1997) by subtracting the

norm of the products of the off-diagonal terms to increase the sensitivity of the above index as follows:

: 21272 [ (1~ 8y)|¢F Mo? 211
RP1 =1- L=1Z}=1[(1 n6l1)|¢l M(;bz ” ( )

Where §;; is the Kronecker delta, which is equal to 1 if i=j and O otherwise.

An improvement of this index would be to consider the higher modes’ effects and the expected frequency
content of the input excitation. Therefore, further attempts have been made, starting from the
assumption of knowing a desired displacement shape of the bridge. This is the case when a
displacement-based approach is used, and a target deformed shape has been defined. The following

equation has been proposed (Calvi and Pavese 1997):

3. RP, = 1 NZ0i =2 (2.12)
\/Z?=1(yi)2 + \/Z?:]_(Zi)z
T
Where y; = 2M oo that v = Vi1 + Yoy + Y3+ and z; = Sy, where B, Sy and ¢; are,

b Mp;
respectively, the ith modal participation factor, the ith spectral displacement and the ith eigen-vector of
the whole bridge. Also, v is the vector of the imposed displacements. In this index, the regularity has
been quantified on the basis of the difference between a vector containing the product of modal mass
and spectral amplification and a vector containing the coefficients producing the target deformed shape,
when applied to the modes. For linear elastic responses, the index will assume a value close to 1 for
regular bridges and would tend to 0 for irregular bridges.

However, when considering nonlinear behaviour, the previous index might not work correctly, because
the index does not consider the strengths of the piers, and for irregular bridges some piers might
penetrate significantly into nonlinear behaviour while others do not. To solve this issue, another index is
proposed including a measure of the difference between the yield strength of the piers and the
associated force that would be reached. The following expression was proposed in (Calvi and Pavese
1997):

4 1 V2 (Vi — 2)? V2RV = kil o) (2.13)
RP; = 1-— "
2 LJEL 007 + VEL(2)? VIR V2

Where to the previous expression an additional part was added with V;, k.; and 4,; being, respectively,
the yield strength of the ith pier or the isolator (if present), the elastic stiffness of the ith isolator and the

yield displacement of the ith isolator.
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Another type of regularity index (the previous four were of the same type) compares the seismic
responses of a reference bridge in the transverse direction calculated according to different simplified
elastic or inelastic analysis methods. The work (Isakovic and Fischinger 2000) presents two such
regularity indexes which are calculated as the relative difference between the areas bounded by the
displacement lines of the first and second iteration of the SM or the inelastic N2 (nonlinear static
pushover analysis) methods. The difference in the response obtained is defined as the relative
difference of areas bounded by the envelopes of the relative displacement lines. There are variations or
extensions on the concept, for example, in (Akbari and Maalek 2010) the concept was extended to
compare the areas defined by the displacement profile of two bridges, one representing a predefined
regular bridge and the second being the bridge under investigation, both under the same seismic action.
Another extension of the concept compares the displacement profiles between different analysis

methods. The three types are presented respectively as 5, 6 and 7.

5. ASM _ASM 214
IndexSM (elastic) = |157Mz| e
|47
Index™?(inelastic) = — Nz -
1427
6 |A¥L _ Bi]Ll (2.15)
I, = Index:(4,B) = |317UL|
ASM _ psM
I, = Index*"(A,B) = %
|By™ |
7. AUL _ASM 216
Iy = IndexVt=SM = % o
1
_ 43" — AF™|
I, = IndexSM—MM — W

In the above expressions, A and B are, respectively, the areas bounded by the displacement profile

associated with the bridge being analysed and the predefined regular bridge.

In (Maalek, Akbari and Maheri 2009) the authors investigated the applicability of the modal assurance
criteria (MAC) and the modal scale factor (MSF), which are well recognised for modal correlation of
structural responses, for irregular bridges. The formulas for the indexes based on both methods are (8),
for MAC, and (9) for MSF:

8. ; 5 (2.17)
(ool 1(oto) (027 4))
MAC(A, B,n) =
n
9. — — (2.18)
s j (o7t /ot7o1)
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Finally, and very different from the previous indexes, there is the relative stiffness index (RSI), proposed
by (Priestley, Seible and Calvi 1996) that measures the ratio between the stiffness of the deck (K,;) and
the stiffness of the piers (K,,) of a bridge. The way this relates to irregularity is that the lower the stiffness
of the deck regarding that of the piers, the more susceptible the bridge is to irregularity. The RSI has a

very simple expression given by:

K
10. rsp = K (2.19)

This RSl index is used in the next section, applied to a large set of bridges that are subjected to elastic
MM (multi-mode) analysis, alongside the RP index (1). Both expressions are explored more in depth in
the next section and particularly the RSI, due to its ease of computation and the usefulness of its results,

is employed throughout the entire thesis.

2.3.3 Identifying bridge length categories based on the influence of its piers to the deck’s

transverse horizontal displacement profile.

In this section the goal is to identify different case studies of concrete bridges that represent well different
irregularities and length categories, which the design engineer can be faced with. Regarding the analysis
in the transverse direction, the bridges can be divided into three main categories: short bridges, long
regular bridges and long irregular bridges, according to their dynamic behaviour. The main difficulty with
the definition of these categories is to define a few aspects: first, what is a short bridge and what is a
long bridge, and by extension how easily are these two categories differentiated; second, how many
different types of irregularities can we find in long bridges, how can these irregularities influence dynamic
behaviour, and how can they be addressed in the framework of optimization.

To answer the first question, a short bridge is a bridge where the piers have very little or no influence
on the transverse horizontal displacement profile of the deck, whereas a long bridge is defined as the
opposite. In a short bridge, the deck has a relatively high stiffness (inertia around a vertical axis) in
comparison to the piers in relation to horizontal transversal displacements and, for that reason, it is the
deck that controls the movement of the bridge. A third group, the very short bridges could be defined:
these would be the group in which the deck would control not only the horizontal displacement profile
but also the amplitude of the profile. This means in practical terms that in this group of bridges the
columns are only necessary to resist vertical loads while undergoing the horizontal displacements on
top induced by the deck. In a long bridge, the deck is relatively slender and has relative low stiffness as
compared to the piers, and so the piers control the horizontal transversal displacements of the deck,
with the exception of the zones in the vicinity of the abutments, assuming that transversal displacements
are restricted at these locations. In this thesis only short and long bridges are studied.

A bridge can be short/long in an absolute manner or in a relative manner. An absolute short bridge is a
bridge that is short regardless of the stiffness that the piers, with a given fixed geometry, present. This
means that if a bridge is categorized as being short using the full elastic stiffness of the piers, i.e., without

appointing to the pier’s stiffness reduction due to cracking or yielding, then the bridge is short. By
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extension, a bridge is absolutely “long” if its behaviour is categorized by “long” when the piers are
assigned a stiffness equivalent to the secant stiffness of the piers at their maximum/ultimate horizontal
displacement.

A bridge can also be relatively short and relatively long. In this case, the bridge’s behaviour is of a long
bridge when the piers have full elastic stiffness, and as the piers loose stiffness due to cracking and
yielding the bridge’s behaviour becomes closer to one of a short bridge where the deck has control over
the transverse horizontal displacements.

Another way to identify a bridge’s length category is by the percentage of inertia force that are distributed
to the abutments. In a short bridge, most of the horizontal transversal inertia force is transferred to the
abutments, while in a longer bridge a smaller percentage is. This is so, due to the relevance of the piers’
stiffness in the horizontal dynamic behaviour in both cases. The difficulty in this situation is defining what
percentage of inertia force transferred to the abutments defines the upper boundary of a long bridge, or
the lower boundary of a short bridge.

As mentioned previously, two of the regularity indexes presented in the former section are used to
characterise the irregularity of bridges. The two parameters are, as mentioned earlier, the RP (regularity
parameter) and the RSI (relative stiffness index).

The regularity parameter (RP), as the name entails, measures the bridge’s regularity by correlating the
configuration of the vibration modes of the bridge with and without piers. Going further from the equation

in the previous section:

(2.20)

((cp,-f/ o7 IMIg,) - 1M1+ (w]/ o] [Ml%-)>2

RP =

In which ¢ and ¢ represent, respectively, the normalised mode shapes associated to the horizontal
transverse displacement of the deck with and without piers, M is the mass matrix, and n is the number
of modes such that the cumulative mass participation factor is above 90%.

As for the RSI this parameter compares the stiffness of the deck to the total stiffness of the piers, where
the larger the value the stiffer is the deck in relation to the piers. Again, picking up from the expression

in the previous section:

RSI =

Ks 384-Es- IS/Z 12 - EP Ip (2.21)
ZKp 5L3

In which the values are for fixed deck connections (which allow rotations but not displacements) at the
abutments (384/5), and piers with monolithic connections at both ends (12). E, I, H, and L are
respectively, the young modulus, the inertia of the cross-section, the height of the pier and total length
of the superstructure.

To be able to correlate these parameters with actual dynamic behaviour of bridges, a Monte Carlo

Simulation (MCS) was performed to 1000 concrete bridges. In a first instance, only regular bridges were
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used, i.e., bridges where all the piers had the same geometry (length and cross-section). In the course
of the MCS’ 1000 simulations, several parameters were varied: length of largest span, length of end
spans, number of piers, length of piers, and width of the deck. For each bridge simulation, the RSI
parameter was calculated, and a multi-modal (MM) elastic analysis was performed with a Eurocode 8
(CEN 2005) response spectrum load case, with Te=0.1s, Tc=0.6s and Tp=2s. For each analysis, the
inertia forces in both abutments were obtained, as was the total inertia force, as well as the frequency
and mass factor for the first vibration mode.

In the MCS, several independent variables were considered as inputs of the model. As most of the
variables are imposed by external constraints like local topography where the bridge will be inserted,
and width of the roadway, the variables were defined as uniform distributions between two limit values.
The chosen limit values are those associated with reinforced concrete slab-girder bridges which are the

focus of this analysis. In Table 2.16, the variables are described.

Table 2.16 Variables for MCS 1.

Var ID | Variables Type Distribution | Lower limit | Upper limit
X1 Max span length | Independent | Uniform 25 35

X2 End span length | Independent | Uniform 0.6*X1 0.8*X1

X3 Number Piers Independent | Uniform 2 12

Xa Total Length Dependent - -

Xs Deck depth Dependent X1/20 X1/20

Xe Deck width Independent | Uniform 10 25

X7 Pier Length Independent | Uniform 5 25

In Figure 2.23, the RSI values are plotted with the percentage of inertia force transferred to the

abutments. In Figure 2.24, the RSI values are plotted with the first transversal mode period.
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Figure 2.23 RSI and percentage of inertia force transmitted to abutments for MCS 1.
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It is shown that there is a very clear correlation between the RSI and the percentage of inertia force
transferred to the abutments. This shows that RSl is in fact a good indicator for relative stiffness between
the deck and the piers, and it can be used as a predictor of the amount of inertia force that will be
transferred to the abutments. However, this first analysis does not allow any conclusions on how to
differentiate a “short” bridge from a “long” bridge. To achieve that to some extent, more analyses must
be done.

A second MCS was performed, this time considering irregular pier geometry, and simulated results for
200 bridges. In this case, the RP was also calculated alongside the RSI. Each simulated bridge has two
different pier geometries, defined as long pier and short pier, which are distributed along the bridge

following three possible irregularity layouts:

e Irregularity layout 1 — Short piers at both ends and long piers in the middle.
e Irregularity layout 2 — Short piers starting on the left end and long piers starting at the right end.

e Irregularity layout 3 — Long piers at both ends and short piers in the middle.
In Table 2.17, the variables for MCS 2 are described. In Figure 2.25 the values of RSI are plotted against

the values of the percentage of inertia force transferred to the abutments, and in Figure 2.26, the value

of RSl is plotted against the values of RP.
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Table 2.17 Variables of MCS 2. Short pier ratio represents the number of short piers divided by the total

number of piers.

%lnertiaForce - Abutments

Var ID | Variables Type Distribution | Lower limit | Upper limit
X1 Max span length | Independent | Uniform 25 35
X2 End span length | Independent | Uniform 0.6*X1 0.8*X1
X3 Number Piers Independent | Uniform 5 20
Xa Total Length Dependent - -
Xs Deck depth Dependent X1/20 X1/20
Xe Deck width Independent | Uniform 10 25
X7 Short Pier Length | Independent | Uniform 5 10
Xs Long Pier Length | Independent | Uniform 11 30
Xo Short pier ratio Independent | Uniform 0.1 0.5
X10 Irregularity layout | Independent | Uniform 1 3
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Figure 2.25 RSI and percentage of inertia force transmitted to abutments for MCS 2.
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Figure 2.26 RSI and RP values

An example of the horizontal transverse displacement profile of the bridges with lower RP than 0.86 is

shown in Figure 2.27.
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Figure 2.27 transverse horizontal displacement profile of the deck for bridges with RP value under 0.86

All the bridges shown in Figure 2.27, which present RP values under 0.86, clearly show “long” bridge
behaviour, due to pier irregularity. It is also clear from Figure 2.26 that RP values lower than 0.86 only
appear for RSI values lower than 0.0024. This shows that RSI may be a good indicator to use to define
if a bridge might be prone to show “long” bridge behaviour. For this set of bridges, it is also observed
that the maximum percentage of inertia force transferred to the abutments is of 15%.

Furthermore, only irregularity layouts 2 and 3 are represented in this set. Irregularity layout 1 does not
have a large impact on the RP value. That, however, does not mean that bridges with irregularity layout
1 do not present “long” bridge behaviour. In fact, in Figure 2.28 a subset of bridges with irregularity

layout 1 and RSl values under 0.0025 are presented, and it is possible to see that most of them present
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“long” bridge behaviour. However, neither of them present RP value lower than 0.98. On the other hand,
and once again the maximum percentage of inertia force transmitted to the abutments, for that bridge
subset, is again of 15%. This shows why, for many authors, bridges with irregularity layout 1 are

considered to be regular, and only 2 and 3 are deemed irregular.
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Figure 2.28 Subset of bridges with irregularity layout 1 and RSI values under 0.0025

Concluding it appears some types of irregularities have a large influence on the RP values, while others
do not, however that does not mean that the bridge will not present a “long” bridge behaviour. In terms
of the values of RSI and of the inertia force transmitted to the abutments, one can safely argue that a
long bridge will usually present an RSI under 0.0025/0.003 and will not probably transfer more than 15%
of the inertia force to the abutments. However, it must be said that the results presented here can vary
significantly due to essentially three factors:

1. With nonlinear behaviour there is cracking and significant loss of stiffness in shorter piers,
which means that the value of RSI changes during the seismic action. For that reason, the
choice of stiffness of the piers has to be done carefully.

2. The use of another type of analysis, besides the inclusion of nonlinearity, that better
captures the dynamic behaviour of the bridge and influence of higher modes can also
significantly change the results.

3. The influence of the torsion of the deck (rotation about the longitudinal axis), which
essentially has to do with the type of deck cross-section and also the number of piers at
each pier position, influence the bridge’s dynamics. This will be addressed later on and for
the most part of the thesis the analysis is done for deck cross-sections where the torsional

effects are prevented or restricted by the columns.
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2.3.4 Categorization of the bridges, differences between categories. Choice of design

variables.

This work focuses on reinforced concrete, RC, bridges. The main focus is on viaducts and bridges with
span between 25 and 45 meters. These span-lengths are very common with viaducts and bridges with
prestressed RC beam decks and constant height prestressed RC box girders.

Bridges with these span lengths can have total length ranging from under 100 meters to several hundred
meters. The deck width can also vary quite a lot, depending on whether it is an urban viaduct in a large
city with several lanes or just a two-lane bridge. This means that these bridges can present a large
variety of dynamic behaviour due to the different geometry both in terms of length and deck width, which
influence the stiffness of the deck to transversal horizontal displacements. In addition, the piers of the
bridge or viaduct have an equally important effect on the dynamic behaviour of the bridge both in terms

of individual stiffness and in terms of regularity in height along the bridge.

In the preceding section, several bridge examples were simulated and analysed subjected to an
earthquake action in the transverse direction. The results obtained allowed to make some differentiation
between bridges regarding length and regularity. The analyses were multi-modal elastic and thus are
only useful to get an idea of the elastic behaviour of the bridge. Even though higher modes are applied,
the loss of stiffness of the piers after cracking and yielding, which are not contemplated, can modify

these modes, especially for longer more irregular bridges.

The results helped, however, to decide on how to subdivide the bridges into sub-groups with similar
properties, which will be analysed in depth, and to better define these sub-groups in their main
characteristics. It is assumed there are no expansion joints in each bridge. If there are intermediate
expansion joints between abutments, this would be considered to be equivalent to have not one but

more than one bridge.

1- Short Bridges:

e  Stiff deck, where the piers behave almost like double-fixed elements having little influence
on the movement of the deck. In principle, the piers only must be designed to withstand
displacements imposed by the deck and sustain the weight of the deck, only influencing the
dynamic response of the bridge in cases where they must resist the earthquake in the
longitudinal direction. However, even in this direction, usually the abutments restrict the
longitudinal displacements to small values. So, as long as damage of expansion joints is
tolerated under strong seismic actions, if columns are able to sustain the vertical loads and
the maximum horizontal displacements compatible with deck deformations and dimensions
of expansion joints, collapse of the bridge due to the columns is prevented.

e It will be necessary to learn over which values of RSI bridges start having this behaviour.
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2- Long Regular Bridges:

e In this case the deck has little influence on the dynamic behaviour. This type of bridge
behaviour is associated to “bathtub” shape valleys or glacier valleys. A bridge built in a
valley as such has very little variation of pier height along the length of the deck. This can
also happen in urban settings.

e In very long bridges the piers may have to have fixed and/or sliding (sliding connections
allow relative longitudinal displacements between deck and piers) connections to the deck,
especially piers further away from the decks centre of stiffness due to temperature, creep,
and shrinkage strains, which can influence the design of the piers for the earthquake in the

longitudinal direction.

3- Long Irregular Bridges:
e There are three types of pier irregularities which affect the dynamic behaviour of the bridge
differently in the transverse direction:

i. Irregularity layout 1 - Short piers near the ends and long piers near the middle —
This case is the most common and the least irregular type of bridge, being many
times characterized as regular. In this case as seen in the results from the MCS in
the last section, the RP parameter is high due to this type of irregularities since the
predominant mode shape is still the first mode.

il Irregularity layout 2 - Short piers on one side and long piers on the other side — In
these cases asymmetric mode shapes gain bigger weight and the first mode loses
importance. This can occur not only due to valley morphology but also due to soil
effects.

iii. Irregularity layout 3 - Short piers near the middle and long piers near the ends — In
these cases the bridge has low RP value, opposed to Irregularity layout | (1).
bridges. Here the second and third mode are usually more important than the first.
There are even situations where the bridge behaves like two separate bridges

divided by the short piers.

In Table 2.18 the irregularity types and possible normalization formats are presented.
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Table 2.18 Bridge irregularity types and normalization formats

Category | Explanatory figure Normalization format

1 One cross-section (all piers have
the same cross-section), and one
type of pier-deck connection (all

monolithic or all fixed)

2 One cross-section (all piers have
the same cross-section), and one,
two or three type of pier-deck

connections dependent on
\I\I - temperature, creep, and shrinkage

effects (middle piers monolithic or

fixed, external piers fixed or with

sliding connections).

3i One or two cross-sections and one

or more than one type of pier-deck

connections depending on pier
NJ\I\W length differences and temperature,
creep, and shrinkage effects (short

piers with fixed or sliding

connections, long piers monolithic).

3ii Two or more cross-sections

(especially concerning different

longitudinal steel reinforcement
between short and long piers), and

one, two or more types of pier-deck

connections due to length

3iii differences and temperature, creep,

\]\ )/-J'\J\ and shrinkage effects (short piers

N |~ fixed and/or with sliding

connections, long piers monolithic).

We can also define intermediate categories to place bridges which fall in between two categories,

however this and the separation between categories are two of the challenges.

This work has the objective of producing an optimization framework for the design of concrete bridges,
and so it is important to define what can be the design variables for a given bridge. The piers and the
foundations are usually the scope of earthquake engineering bridge design. The foundations depend on
the pier design and in the framework of the analysis they can be considered secondary as their flexibility
produce an effect equivalent to a reduction on pier stiffness, and so the piers are the focus of design.
For the matter of simplification, the piers in all study cases will have circular cross-sections, however it
will be shown that the same principles can be extrapolated for other cross-sections. It is also important

to know what influences the strength and ductility of the piers, which is the subject of the previous
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Section 2.2. Nonetheless, the main design variables are pier diameter (circular cross-section),
longitudinal steel reinforcement, and transverse steel reinforcement for concrete confinement. In
addition to these design variables, there are a few others that are importance but are sometimes
imposed or defined attending to other criteria and not specifically for earthquake resistance, which are
concrete and steel grade and type of connection between pier and deck. The shape of the piers’ cross-
section is also a possible design option. In several cases one can adopt either variable cross-section
piers along height or thin blades of concrete that only have stiffness in the transverse direction, however
in the scope of this work, the shape of the piers will be fixed to circular full section. In the previous section
it has been shown that the conclusions may be valid for most of the other shapes of pier cross-sections,

particularly rectangular cross-sections, and other compact sections.

2.4 Type of analysis: dynamic vs. pushover

In earthquake engineering, there is always a trade-off between efficiency of the method employed and
result accuracy. In that sense, the question is usually whether to employ some form of nonlinear static
pushover analysis (SPA) or resort to nonlinear dynamic analyses (NDA). In terms of bridges seismic
behaviour in the transverse direction, the choice is not only between SPA and NDA, but also which SPA
methods can be employed and why. For both issues, it all depends on regularity of the bridge and
stiffness of the deck, or in other terms, whether other vibration modes, other than the first mode, are
important.

Several works have been done on this issue and there have been SPA methods created to be employed
specifically for bridge analysis, such as the Adaptive Capacity Spectrum Method (ACSM) by (Casarotti
and Pinho 2007), which uses the DAP (Displacement-based Adaptive Pushover) algorithm by (Antoniou
and Pinho 2004). The work (Kappos, Saiidi, et al. 2012) presents a chapter on the reliability of inelastic
analysis methods. There, a table is presented on the recommended methods for the analysis of each

type of bridge in the transverse direction (Table 2.19).
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Table 2.19 Recommended method according to bridge type in Kappos et al (2012)

Type of bridge Single- Multi-mode methods | Nonlinear
mode Non- Adaptive | response
methods adaptive history

analysis

Response is governed predominantly by one mode, | X
which does not considerably change: Short bridges
on moderate to stiff soil, fixed at the abutments, and not

supported by very short columns.

The influence of higher modes is limited, and their | X X
shape does not considerably change when the
seismic intensity is increased: Short bridges fixed at
the abutments, supported by short side and long central

columns.

Considerable influence of higher modes, that do not X X
significantly change the shape: Long bridges without

very short central columns

Considerable influence of one or a few numbers of X
modes, which significantly change the shape: Short
bridges with roller supports at the abutments

Considerable influence of higher modes, which X
significantly change their shape when the seismic
intensity is changed: Short or long bridges supported

by very short central and higher side columns.

Naturally, the methods to the right-hand side of the table are also suitable, in terms of reliability of results,
when the methods to the left of them are suitable, however they may not be recommended due to being
more time consuming.

In the present work, all the types of bridges in Table 2.18 are to be studied, and thus there are a couple
of reasons why it has been decided to use only NDAs in the transverse direction:

e To maintain some type of consistency since only NDAs are suitable for all the types of
bridges and to be able to compare results between bridge types it is deemed important not
to vary the analysis method.

e The quality of the results after combining both directions, transverse and longitudinal,
obtained from the SPA methods are at best debatable, and so to obtain reliable bi-
directional results, the NDAs are much more suitable, if natural pairs of earthquake signals

are used.
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2.5 Force-based versus displacement-based seismic design

2.5.1 Force-based design

The force-based origins in earthquake engineering, as well as the force-based paradigm itself has
already been presented in this thesis. Regarding irregular bridges, it is perhaps in the 1990s where the
influence of irregularity on the expected ductility demand and the seismic behaviour of RC bridges is
studied (Calvi, Elnashai and Pavese 1994) (Calvi and Pavese 1997). The approach in Eurocode 8 —
Part 2 (CEN 2005) for bridge design (and buildings as well) is based on a single behaviour factor (q) or
response modification factor (R). In this method, known as force-based design (FBD), the linear elastic
response of a bridge structure is reduced by this factor for design purposes to consider the nonlinear
response and the energy dissipation capacity of the bridge. This approach assumes that the bridge
responds regularly with predictable or uniform ductility demand distribution throughout the different
bridge piers.

In FBD, once the pier cross-section has been selected, a structural model is constructed. The design
procedure usually entails the discretization of the deck mass as lumped masses at the top of the piers
with a portion of the pier's mass added. The main parameters used in the analysis are the mass and
elastic stiffness of the piers, eventually reduced.

The drawbacks with FBD is that performance is not easy to quantify due to the fact that forces are not
good indicators of damage, and behaviour factors, which are meant to imply damage levels are highly
variable, as will be referred to in Chapter 5. Many of the procedures used in bridge design are basically
force-based and may be considered as reasonable design approaches that will lead to safe structures,
but they do not attend to performance criteria at the initial design procedure, albeit checking
displacements afterwards (force-based/displacement-checked) (Calvi, Casarotti and Pinho 2006). As
mentioned before, even though the force-based design has its drawbacks, the design paradigm to which
engineers are used to, makes it difficult to change towards displacement-based design, which also has
its own drawbacks. What can be done is to adopt techniques and guidelines that, in a force-based
framework facilitate the design by allowing to deal with nonlinearity and irregularity effectively, thus
decreasing the number of iterations needed when performance-based design is done in a force-based
framework.

There have been many works, in recent times, that have addressed the design of irregular bridges in a

FBD framework. A good review on these works is present in this work (Akbari and Maalek 2018).

2.5.2 Displacement-based design

In essence displacement-based design (DBD) was developed by Priestley, Calvi and Kowalsky
(Priestley, Calvi and Kowalsky 2008) with the objective allowing to perform a direct displacement-based
design of a structure with a predetermined displacement level when subjected to an earthquake
consistent with the design level. In direct displacement-based design (DDBD), design forces are

obtained from the inelastic response of the system for a desired level of performance (Calvi, Casarotti
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and Pinho 2006) (Priestley, Calvi, et al. 2008) (Calvi, Priestley and Kowalsky 2013) (Kowalsky, Priestley
and MacRae 1995) (M. J. Kowalsky 2002).
The DDBD procedure for MDOF bridge structures can be summarised in the following basic steps
(Priestley, Calvi, et al. 2008) (Calvi, Priestley and Kowalsky 2013):

1. Determination of the design displacement shape.

2. Characterisation and evaluation of the equivalent SDOF system.

3. Application of the DBD approach to the SDOF system.

4. Determination of the pier's required strengths and ductility and design of reinforcement

accordingly.

The authors in (Calvi, Casarotti and Pinho 2006) perform a comparative study between pushover design
methods and FBD and DBD procedures, with the pros and cons of each strategy, as well as possible
lines of development.

DDBD has advantages in terms of the way it deals with displacements, but it has a few drawbacks as
well, particularly for very irregular bridges where the initially defined displacement shape has crucial
influence on the result, as in these bridges higher order modes influence the THDP of the bridge. There
have been several works on the development of DBD for both bridges and buildings and a good overview
of this is given in (Akbari and Maalek 2018).

2.6 Bridge type singularities. Possible normalization formats for each

bridge type. Factors that influence design decisions.

The design of bridges is constrained by several variables such as geometry (length, pier height, number
of piers, span lengths, insertion in curve or straight alignment, etc.), soil characteristics, valley shape,
location of the piers, etc... These variables or characteristics influence the type of bridge, materials and
the eligible construction methods.

The design of the bridge and thus the choice of normalization formats that make sense for a given bridge
is therefore dependent on a series of initial characteristics. A bridge beyond a certain length will have
deck deformations due to temperature, as well as creep and shrinkage in the concrete, which have
influence on the choice of the type of connections between superstructure and piers, and also the type
of abutments. The soil characteristics influences the design of the abutments and the type of
foundations. All these issues are closely related to the stiffness of the infrastructure and the ability to
withstand the inertia forces and displacements conveyed by an earthquake action.

It is thus important to define for each type of bridge length, soil type and valley shape, the normalization
formats that make sense for the design of the bridge.

In this section, a series of normalization formats will be commented on according to their eligibility to be
used for the design of bridges with different initial characteristics in terms of bridge length, soil type and
valley shape. The objective is to match/associate possible normalized pier design formats (normalization

formats) to bridges according to their length and type of irregularity.
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In the case of short bridges, the design procedure is relatively easy, since the temperature, creep, and
shrinkage do not cause relevant effects, and the effects of seismic action are irrelevant or can easily be
accounted for in the design of the abutments.

For long bridges, the design procedure is more complex. The characteristics of valley shape and soil
type have relevant effects, and the temperature, creep, and shrinkage effects on the superstructure is
significant and demands attention. In addition, the seismic action has relevant effects in the transversal
direction, and the earthquake analysis in the transversal direction is much more complex than in the

longitudinal direction.

2.6.1 Effects of temperature, creep and shrinkage

It is known that temperature, as well as concrete creep and shrinkage produce cumulative strains that
can originate significant effects, particularly for long bridges. Usually, these effects are bundled up as
an effective temperature action to which the deck is subjected thus being used to define pier-deck
connections, placement of expansion joints, etc.

These effects are mentioned qualitatively in this section when defining possible normalization profiles
for the bridges with different irregularity layouts. However, there is an issue associated to the way that
these effects are usually regarded, which stems from the force-based thought paradigm in structural
engineering.

When these effects are imposed on a deck, they develop stress and strains that propagate along the
bridge from the stiffness centre. Considering a uniform temperature, these strains translate into imposed
displacements at the top of the piers, which become larger the further away the pier is located from the
stiffness centre of the bridge. The imposed displacements develop into stress and strain in the piers and
can lead to important damage to the piers. When thinking of the issue in a force-based paradigm, the
engineer is led to think that the cracking of the concrete in the piers results in a loss of stiffness and
subsequent redistribution of stress to other piers, and so the stress that some piers are subjected in an
elastic regime may be acceptable because that stress will be redistributed once those piers crack. As a
result, the damage is reduced because the engineer is trained to think of damage as a function of stress
instead of strain. This idea is incorrect.

There is in fact a loss of stiffness and a consequent stress reduction in the pier. However, damage is
related to strain and not stress, as previously referred to, and strain is related to curvature (when the
pier is subjected to bending) which is related to the displacement imposed at the top of the pier. The
displacement in such a situation doesn’t decrease with the reduction of stiffness of the pier under
analysis because the imposed displacement is only dependent on the temperature load and the position
of the centre of stiffness, as the deck longitudinal displacements depends on the axial stiffness of the
deck, which is usually far superior to the piers flexural stiffness. The centre of stiffness, with the cracking
of the more distant elements relative to it might actually shift further away from the cracked elements,
as illustrated in Figure 2.29, because the elements closer to the centre of stiffness, which are subjected
to smaller imposed displacements and, eventually, less strain, did not lose as much stiffness. This leads

to an increase in the imposed displacements of the already cracked piers, thus increasing the strain and
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subsequent damage. Even if that effect (shift of the stiffness centre) is not significant, the initial strain is
not reduced even if there is stress “redistribution” with the loss of stiffness. For that reason, it is important

to not think of actions due to imposed displacements on the basis of a force-based paradigm.
CSs
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-

Figure 2.29 Centre of Stiffness of the deck and cracking of the pier due to deck-imposed displacements.

2.6.2 Long Bridges

In the past sections, four possible valley shapes were presented associated to long bridges. Three of
them were related to irregular bridges, and one to regular bridges. These four valley shapes are
qualitative examples of the type of valleys that are most common, and each one of them presents the
design engineer with different challenges to solve. In this section, it is discussed what kind of
normalization formats can be applied to design a long bridge inserted into each one of the four valleys,
and at the same time how do other factors, such as temperature induced strain, influence the
normalization formats.

Once again, by normalization format, one refers to a series of design decisions related to the
infrastructure of the bridge (piers and foundations), so that all elements are normalized by being placed
in one or more groups, inside which all elements present the same geometry, properties, and
connections to the superstructure (deck). This normalization format is then used to assist in the

optimization of the bridge design.

In Table 2.18, the valley shapes are presented, and shape 2, 3i, 3ii and 3iii all refer to long bridges.
Concerning long bridges, two things are assumed. One, that the temperature strain effects on the
superstructure can be significant for pier design. Two, that the effect of the seismic action in the
transversal direction is relevant and important.

The nature of the abutments is a very important “variable in the equation”. This will define if the seismic
action in the longitudinal direction is important for pier design, and also which piers may be affected by
the superstructure’s temperature related deformations, and thus what connections can they have with
the superstructure.

In terms of dynamic behaviour, the abutments can either be defined as having fixed or sliding
connections for longitudinal actions. An abutment can also be both if, for instance, it has visco-elastic
dampers, allowing for displacements due to temperature strains but not dynamic displacements due to
earthquakes. The possibility of designing an abutment able to withstand the inertia forces of an entire
bridge due to an earthquake depends on the type of soil and the surface slope at the location of the

abutment. A weak soil and a steep valley slope may not allow for a fixed abutment. Also, a very long

58



bridge cannot be fixed in its entirety to one abutment, in those cases if there is a fixed abutment than it
could be necessary to “break-up” the bridge in several pieces through the use of expansion joints or use
both abutments (as fixed). In this case, special devices to allow slow longitudinal movements due to
temperature variations would be necessary in one or both abutments. Without going into possible use
of expansion joints, if the valley slopes and the soil allow for fixed abutments there are a few possible

normalization formats that may be possible to apply.

2.6.2.1 Long Bridge type 2
This bridge valley shape is characterized by being “bath-tub” shaped. This results in having piers with

more or less the same length all along the bridge, as illustrated in Figure 2.30.

Figure 2.30 Long bridge 2 diagram

This case is one of the more trivial cases inside the long bridge family. Here all the piers have similar
lengths, and this will result in a very typical transverse horizontal deck displacement profile of the bridge,
when subjected to earthquake action, following a curve compatible with the first transverse vibration
mode of the deck. For the infrastructure design, one of the main concerns in this case is the temperature
induced strains in the deck and subsequent imposed longitudinal displacements on the top of the piers.
This last issue depends, as it always does, on the nature of the abutments, and whether one of them is

fixed, or both have sliding connections.

2.6.2.2 Solution 1 — One abutment fixed

By fixing one abutment, (in the longitudinal direction, in the transverse direction abutments are always
considered fixed) the centre of rigidity of the deck is located on the fixed abutment. The temperature
induced imposed displacements on the top of the piers are larger at the opposite side of the fixed
abutment. This situation forces the design engineer to place sliding and/or fixed connections at the top
of the piers furthest away from the fixed abutment. With a fixed abutment in the longitudinal direction,
the earthquake action in the longitudinal direction is absorbed by the fixed abutment, and so only the
earthquake action in the transversal direction will affect the piers. The earthquake action in the
transversal direction will create a transversal horizontal displacement profile of the deck with larger
displacements in the middle, compatible with the expected fundamental vibration mode of the deck in
the transversal direction. Hence, the piers that are subjected to more ductility demand are the piers
located at the middle of the bridge. The normalization format for this bridge solution can be as follows
(Figure 2.31):
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e Sliding connections, longitudinally, for the piers located furthest away from the fixed
abutment. Fixed connections for the piers located in the middle and monolithic connections
for the piers closer to the fixed abutment.

e Fixed connections for all piers in the transverse direction.

e Two groups of piers according to cross-section design: first group are the piers located at
the middle. Second group are the piers located on both sides of the bridge. This

differentiation is related to ductility demand.
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Figure 2.31 Solution 1 diagram for both directions, longitudinal direction (top), transversal direction (bottom)

with pier groups according to cross-section

2.6.2.3 Solution 2 - Both abutments with sliding connections

If both abutments have sliding connections, the result is having the centre of rigidity located very close
to the centre of gravity of the deck, since the piers are all the same length, they will all have roughly the
same stiffness. So, in this case, the piers closer to both abutments undergo the large temperature
induced displacements if they are connected to the deck in the longitudinal direction. In addition, the
piers will have to withstand the longitudinal earthquake action as well as the transversal one. Since all
the piers are similar, in the longitudinal direction the imposed displacements are the same for every pier
and in the transversal direction the displacement profile of the deck will have a parabolic shape with
maximum located at the centre. Therefore, the earthquake action, taking into account the effects in both
directions, will demand more ductility from the piers located near the centre of the bridge.

In summary, on the one hand the temperature effects affect more the piers closer to the abutments, on
the other hand, the earthquake action demands more ductility from the piers located closer to the centre
of the deck. This would imply that the piers closer to the abutments have fixed connections longitudinally
to the superstructure, however, this could result in increasing the demand of the central piers when
subjected to the earthquake in the longitudinal direction. A possible solution is that all piers have fixed
connections in the longitudinal direction. In the transversal direction, the larger ductility demand is
required for the piers closer to the centre.

The normalization format, for this case, can be as follows (Figure 2.32):
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e Longitudinally, fixed connections for all piers
e Transversally, either monolithic connections for all piers, or fixed only at the central piers.
Either way, two groups of piers according to cross-section: piers on both ends in one group

and piers at the centre in another group.

>
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Figure 2.32 Solution 2 diagram with description in both directions, longitudinal direction (top) and transversal
direction (bottom)

2.6.2.4 Long Bridge type 3i

This long bridge type (Figure 2.33) is characterized by being inserted into what can be defined as a
typical “v” shaped valley. This valley shape is very common, and this bridge type is very similar to long
bridge 2 in terms of dynamic behaviour. Put in other words, it is formally an irregular bridge regarding
the infrastructure, however in terms of dynamic behaviour and the transversal horizontal displacement
profile of the deck, it is a regular bridge, because the movement will be mostly defined by the

fundamental transversal vibration mode of the deck.
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Figure 2.33 Example of valley shape of long bridge type 3i.

2.6.2.5 Solution 1 —fixed abutment on one side

The bridge in this case is characterized by having a sort of symmetry inherent to the type of valley. The
fixed connection at only one of the abutments does not respect that symmetry, since there are short
piers at both ends, and as a result, some piers can undergo too large longitudinal displacements due to
temperature effects. Nonetheless, fixing one of the abutments results in an advantage, as it eliminates

the concern of the earthquake in the longitudinal direction for the design of the piers.
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By fixing one abutment in this case, there will be short piers subjected to relatively large temperature
induced displacements, since the fixation of the abutment results in moving the location of the centre of
rigidity to that abutment, and so the piers on the other side become subjected to the said temperature
related displacements. This results in the need to place sliding and/or fixed connections between those
piers and the deck, for the longitudinal direction.

For the earthquake action in the transversal direction the displacement profile of the deck is similar to
the fundamental vibration mode of the deck, with larger displacements near the centre of the bridge. In
this case the largest displacements are imposed on the taller piers, and for that reason, the ductility
demand in all piers has a tendency to be similar, which is very beneficial for the pier design. The
normalization format can be the following (Figure 2.34):

e Longitudinally, piers furthest away from the fixed abutment with sliding connections to
superstructure and then progressively with fixed connections and monolithic connections
closest to the fixed abutment.

o All piers with fixed connections have restrained rotations at the top in the transversal
direction.

e All piers with the same cross-section
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Figure 2.34 Solution 1 for long bridge type 3i in the longitudinal direction (top) and transversal direction
(bottom).

2.6.2.6 Solution 2 — both abutments with sliding connections

With both abutments having sliding connections, the bridge centre of rigidity is located roughly in the
centre of the deck. And so, temperature related imposed displacements at the top of the piers will have
important effects on the piers closer to both abutments, which besides being the shortest piers are also
the ones subjected to larger temperature related displacements. It would make sense to place sliding
connections in the outer piers and fixed and finally monolithic connections as we go inward towards the
middle. This is also useful when resisting the longitudinal earthquake since the short piers at both ends

are the ones subjected to the largest ductility demands, as are the ones with the highest ratio between
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seismic displacement and length. It is discussable, however, when the piers have to resist the
longitudinal earthquake, if it is a good option to “remove” all the shortest piers from the longitudinal
earthquake resistance by providing them with sliding connections to the superstructure. This may result
in keeping only very flexible elements to sustain the bridge longitudinally, which in turn can result in
having very large displacements.
As for the transversal direction, the situation is the same as in solution 1, where the largest imposed
displacements due to earthquake action are applied to the tallest piers. The normalization format can
be the following (Figure 2.35):

e Longitudinally, outer piers with sliding connections to superstructure and then progressively

with fixed connections and monolithic connections as we go inwards towards the middle.
e All piers monolithic transversally.

e All piers with the same cross-section.
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Figure 2.35 Solution 1 for long bridge type 3i in the longitudinal direction (top) and transversal direction
(bottom).

2.6.2.7 Long Bridge type 3ii
Long bridge 3ii’s valley shape is characterized by starting with a shallow depth on one extremity,
progressively increasing and reaching a maximum depth near the opposite extremity, after which there

is a steep slope leading to the abutment, as illustrated in Figure 2.36 below.
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Figure 2.36 Valley shape for long bridge 3ii (ref. Table 3)

63



2.6.2.8 Solution 1 — Left-hand side abutment fixed
The abutment on the left-hand side has fixed connection and the abutment on the right-hand side has
sliding connection. In this case, illustrated in Figure 2.37, the centre of rigidity is located on the left-hand
side abutment, which means that the temperature-imposed displacements on the superstructure will
increase towards the right-hand side abutment, meaning that the closer a pier is to the right-hand side
abutment the larger these displacements are at its top. In this case, the shorter piers have less imposed
displacement due to temperature than the longer piers. So, a normalization format that is compatible
with these conditions would be:

e All piers with monolithic connections with the superstructure

e The ten piers divided into two groups according to cross-section, the group of shorter piers

with one cross section, the group of longer piers with another cross-section

Since in this case, the longitudinal earthquake action is absorbed by the fixed abutment, the piers only
have to resist the earthquake action in the transversal direction. The stiffness of the piers along the
deck, were they to have the same cross-section, would suggest that the transversal horizontal
displacement profile of the deck would induce larger displacements to the piers located at the centre-
right position of the deck. The piers that would be critical would be the ones that are located closer to
the centre, that would have larger ductility demand, and have less available displacement ductility than
the longer ones to their right-hand side (probably the 4t 5% and 6™ counting from the left-hand side

abutment in this case).
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Figure 2.37 Solution 1 diagram for long bridge 3ii.

2.6.2.9 Solution 2 — Both abutments with sliding connections

In this case, the centre of rigidity will be located left of centre of the bridge due to the larger stiffness of
the piers on the left-hand side. In this situation, the shorter piers located next to the abutment on the
left-hand side may be subjected to large imposed displacements due to temperature, and so it may not
be feasible to have monolithic connections in the case of those piers. And so, at least in the longitudinal
direction the shorter piers may have to have fixed connections with the superstructure.

In addition, the earthquake action in the longitudinal direction is resisted by the piers, as the abutments
in this case have sliding connections longitudinally. This means the ductility demand on the piers is

increased. The earthquake in the longitudinal direction inserts the same imposed displacement at the

64



top of all piers. This means that the shortest piers next to the left-hand side abutment can now be critical
as well in terms of ductility demand versus available ductility
To summarize the normalization format for solution 2 (Figure 2.38):

e Fixed connections in both directions for the three/four leftmost piers.

e The ten piers divided into two groups according to cross-sections, shorter fixed piers in one

group, and the other piers in the other group.
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Figure 2.38 Solution 2 diagram

2.6.2.10 Solution 3 — Right-hand side abutment fixed
This solution is the most unfavourable for the piers in terms of imposed displacements due to
temperature strains in the superstructure since the centre of rigidity is located on the right-hand side
abutment. As a result, the largest temperature related imposed displacements affect the shortest piers
on the left-hand side. In this case, it may be necessary to have sliding connections longitudinally for the
threeffour leftmost piers, fixed connections longitudinally for the middle piers and only monolithic
connections for the tallest rightmost piers.
As for connections in the transverse direction, the longitudinal earthquake is resisted by the fixed
abutment which means all piers can have monolithic connections as in solution 1.
To summarize the normalization format for solution 3 (Figure 2.39):
e Connections to the superstructure (longitudinal direction): Shortest piers — sliding
connections, middle piers — fixed connections, tallest piers — monolithic.
e Connections to the superstructure (transversal direction): all piers have restrained rotations
at the top.
e The ten piers divided into two groups of five according to cross-section, the group of shorter

piers with one cross-section, the group of longer piers with another cross-section
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Figure 2.39 Solution 3. Longitudinal direction (top), Transversal direction (bottom).

2.6.2.11 Long bridge type 3iii

This is the fourth type of long bridge, according to pier (ir)regularity (Figure 2.40). This is perhaps the
case to which results of seismic analysis in the transverse direction are more different from what is most
common. Due to the nature of the irregularities, characterized by short piers at the middle of the bridge,
which completely alter the usual dynamic behaviour of bridges, almost eliminating the relevance of the
vibration mode that is usually the fundamental mode in the transverse direction, in which the entire deck
moves to the same side, and giving larger relevance to other modes. The result is that, for these bridges,
the use of any pushover analysis, from the trivial N2 method up to the complex and more time-
consuming adaptive capacity spectrum method (ACSM) using the DAP algorithm, is discouraged. In
fact, this type of bridge practically demands that any nonlinear analysis being done resorts to non-linear
time-step dynamic analysis.

Figure 2.40 Valley shape for long bridge type 3iii

2.6.2.12 Solution 1 - One fixed abutment, sliding connections for central piers

In this case it is clear that the short central piers may undergo large longitudinal displacements due to
temperature, in addition to the piers adjacent to the abutment with sliding connections. The solution is
done with the placement of sliding and/or fixed connections at the middle piers and piers adjacent to the

abutment with sliding connections. In this case there are no forces or displacements transferred to the
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columns due to the longitudinal earthquake action because the fixed abutment absorbs the earthquake
inertia forces. The difficulty of the situation is, as was said before, in the dynamic behaviour in the
transversal direction. For this, there can be a series of solutions that will be presented.

For this solution 1 (Figure 2.41), the most trivial way to solve the problem is to place sliding connections
in the middle piers in the transversal direction as well. This solves the issue of having large horizontal
forces on those piers and “restores” the usual fundamental vibration mode of the deck in the transverse
direction. This solution may have a problem, since removing the short central piers from the earthquake

resisting system in the transverse direction can result in overloading the adjacent piers.
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Figure 2.41 Solution 1. Longitudinal direction (top), Transversal direction (bottom).

2.6.2.13 Solution 2 — One fixed abutment, very stiff pier at the centre

In this case, the longitudinal solution is identical to the latter case, the difference is in the transversal
direction, the shorter middle piers are monolithic (Figure 2.42), and if the stiffness of these piers is high
enough, the bridge is forced to pivot around them, making the anti-symmetric mode shape and the
second symmetric mode shape more predominant, figuratively dividing the bridge in two, and eliminating

the ductility demand on the central piers.
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The drawback of this solution is that a stiffer pier effectively means it will have little available ductility,

and so this is only a good solution provided the ductility demand is even lower than the available ductility.
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Figure 2.42 Solution 2. Longitudinal direction (top), Transversal direction (bottom).

2.6.2.14 Solution 3 - Both abutments with sliding connections, flexible central piers in the
longitudinal direction

If both abutments have sliding connections, the central piers do not undergo relevant longitudinal
displacements due to temperature, only the piers at both ends do. However, the earthquake action in
the longitudinal direction is now relevant for pier design. The solution can be to divide the piers into two
groups according to cross-section, being one group composed by the central piers, and another group
composed by all the other piers. The central piers could have smaller cross-sections to be flexible in the
longitudinal direction and have larger ductility, in an attempt to try to eliminate the stiffness differential
between the longest and shortest piers of the bridge (Figure 2.43). In a way, it is conceptually the
opposite from solution 2.

This solution has advantages and an important drawback if the central piers are also flexible in the
transverse direction: the dynamic behaviour is more “standard” with a first mode with all the deck moving
to the same side in the first mode in the transversal direction but due to a small cross-section those piers
may have larger normalised axial forces, and that is the main factor leading to loss of ductility in a cross-
section (besides bad detailing, of course). If the central piers are stiff in the transverse direction, this
allows to use larger cross-sections avoiding large normalised axial forces in those piers but has the
drawback of a less standard dynamic behaviour, as the first mode in the transverse direction may have
a configuration with half of the deck moving to one side and the rest to the other, similar to a full sine

between abutments.
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Figure 2.43 Solution 3. Longitudinal direction (top), Transversal direction (bottom).

2.6.2.15 Solution 4 — Two fixed abutments, bridge divided in half

Another solution might be to fix both abutments, thus eliminating the need to design the piers for the
longitudinal earthquake action. The temperature related strains, in this case, have to be dealt with by i)
using devices that are flexible for low speed of deformation, as it is the case of uniform variations of
temperature, and fixed for actions in which displacements between extremities of the device change
very quickly, as it is the case of the seismic action, or ii) by having one or two expansion joints at the
middle of the bridge, over the central column. This would split the bridge in two also for the transverse
direction. This case is the one where the bridge can be less pleasing aesthetically due to the large
abutments and central column.

This solution can be defined, in a nutshell, as being a solution that transforms a type 3iii bridge into two

type 3i bridges (Figure 2.44).
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Figure 2.44 Solution 4. Longitudinal direction (top), Transversal direction (bottom).
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2.6.2.16 Solution overview

For each bridge type the solutions presented attempt to normalize the bridge infrastructure design, while
taking into account the main criteria that usually affect the design process, as is temperature, earthquake
action and soil characteristics in a qualitative approach.

To further test which may be the best solution and why, a case study is to be created and tested with

the different solutions, optimizing each solution in terms of pier cross-section design.

2.6.3 Foundation solutions for bridges due to soil characteristics

The soil characteristics will have influence on the foundations of the piers and abutments. In the case
of the abutments, the soil will influence whether the abutment can be fixed in the longitudinal direction
(good quality soil), as well as the type of foundations (piles or footing). As for the piers, it influences
whether there can be direct foundations, footings, or indirect foundations, piles. The question of having
footings or piles under the piers has more influence on the pier design than what would be expected. In
fact, since one of the goals of optimization is normalization, there is a slight nuance when the piers have
piles instead of footings. The footings are designed based on axial force and bending moment
transmitted by the pier, and the soil’'s admissible stress. And so, if the bridge’s piers have footings
underneath, the normalization of the piers’ cross-section also means the normalization of all the footings,
provided the soil does not change too much between piers.

However, in the case of piles as foundation type, their design does not depend on the duo axial force
and bending moment, but rather on axial force and shear force at the bottom of the columns. For this
reason and for the case of irregular bridges, another kind of normalization can end up being more
interesting. That is to design piers to have similar values of shear force at the bottom, in order to
normalize pile design. This situation is not so ideal as is having piers with footings, where the
normalization of the piers lead to the normalization of the footings, since the normalization of the piles

leads to different pier cross-sections for each pier if their length is different.

2.7 Types of deck cross-section and its influence on bridge dynamics

This work is applicable to viaducts, mainly because the advantages of normalization are more noticeable
for long bridges with relatively short spans, which are typical of urban viaducts. Urban viaducts also tend
to be heavy, due to having more lanes, and have relatively short piers compared to bridges that have to
span over deep valleys outside of the urban setting. Regardless of being a bridge or a viaduct, there are
a few different deck types and pier connections that can be found in bridges or viaducts with around 20
to 45-meter span lengths. The importance of this is that these different arrangements of deck and pier
connections influence the dynamic behaviour of the bridge, especially in the transversal direction.
The following are types of these deck and pier modules, so to speak:

1) Box girder, one pier

2) Reinforced slab bridge, two piers

3) Reinforced slab bridge, one pier with pier cap
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The different deck cross-sections, represented in Figure 2.45, result in different dynamic behaviour,
especially due to the effect of the torsional stiffness of the deck and respective boundary conditions in
the displacements in the transversal direction. The existence of two piers provides high rotational
stiffness around the longitudinal axis of the deck due to the binary formed by both piers. On the other
hand, a girder on top of one pier can rotate around its longitudinal axis, and so the bridge has less

stiffness to a transversal movement than the same bridge with two piers.

1

3)

Figure 2.45 Types of deck cross-section according to different dynamic behaviour. From left to right and top
to bottom 1), 2) and 3), respectively, from the list above.

As an alternative to cross-sections 2 and 3, beams with height larger than the width can be used in the
deck cross section. This can lead to more economic solutions in cases in which there are no minimum
height restrictions.

For case 1) the deck has a large torsional stiffness and the rotation of the deck and the top of the pier
have total compatibility. There can be rotation of the deck but due to the deck’s large torsional stiffness,
the piers have little effect on the rotation of the deck around the longitudinal axis, and so the rotation at
the top of the pier is influenced essentially by the deck’s torsional stiffness. This influence decreases for
the central zones of the deck, as they are further away from the abutments where the torsional rotations
of the deck are restricted.

For case 2) even though the deck has little torsional stiffness, the two piers form a torque that does not
allow rotation of the deck, and so, in this case there is no influence of torsion as in 1). However, unlike
case 1), there cannot be any rotation of the deck (unless between piers). In this case, incompatibility of
rotations between the deck and the top of the piers can exist, depending on the connections. In that
case there would be rotation of the top of the piers without rotation of the deck, only distortion of the
deck cross-section, concentrated on flexural deformation of the slab in the transversal direction
(rotations about longitudinal axis) in the zone between beams.

For case 3) the deck has little torsional stiffness and it is prone to undergo torsional rotations. In this
case, as in 1) there is total compatibility of rotations between the deck and the top of the piers. Unlike
1), however, the piers control the rotation of the deck due to the lack of torsional stiffness of the deck.
The three cases have, therefore, different dynamic behaviour, and in case 1) and 3) the torsional

stiffness of the deck influences that dynamic behaviour, and in 2) it does not because there is no deck
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rotation. In this thesis, the case-studies are essentially case 2), albeit some behaviour comparisons
between 2) and 1) and 3) in Chapter 6. Also, in Chapter 4, the case-study is a case 3) bridge, but
otherwise case 2) is the focus of the thesis.

2.8 Choice of time-history signals, criteria, and scaling. Mean and

variance of spectra.

To apply NDAs and obtain good results, it is critical to have adequate earthquake signals. The big
difficulties that arise at this point is obtaining natural signal pairs that roughly match the seismic code
elastic response spectrum of the region, or at least match the Tc period, i.e., the period at which the
spectrum branch at constant acceleration ends, and constant velocity starts. After this, the set can be
further filtered by eliminating the signals whose spectral accelerations are too different from the code’s
elastic spectrum at important frequencies.

Eurocode 8 dictates that a minimum of three signals are to be used if the maximum result among all
signals is to be adopted, and a minimum of seven signals to adopt the mean result.

In addition, part 1 of Eurocode 8 (EC8 - 1) establishes the following criteria for the selection and scaling
of ground motion records in the context of seismic assessments of structures: (i) the mean of the zero
period spectral response acceleration values calculated from the individual time histories should not be
smaller than the value of ag S for the site under study, being agthe design ground acceleration on rock
and S the soil parameter; (i) and, in the range of periods between 0.2 Tiand 2.0 Ti, where Tiis the
fundamental period of the structure in the direction where the record will be applied, no value of the
mean 5% damping elastic spectrum, calculated from all time histories, should be less than 90% of the

corresponding value of the 5% damping elastic response spectrum.

The code elastic response spectrum chosen to be the reference response spectrum for the scaling of
the chosen ground-motion signals was the type 1 far-field earthquake, zone 2, soil C spectrum from the
Portuguese national annex (IPQ 2010) which is associated to agS =Ts=0.1s, Tc=0.6s, To=2s. The choice
of using the far-field earthquake is due to it being usually more detrimental to bridges than the near-field
earthquake. This is due to the larger Tc value of the far-field earthquake spectrum.

In a preliminary sorting, according to overall spectrum shape and Tc value, 16 natural ground-motion
pairs were chosen. Of these 16, two subsets (4 and 9 pairs) were formed. These subsets comprise the
signals whose spectrum varies less, at the most relevant frequencies, compared to the reference
spectrum. The sorting and scaling were done resorting to the software SeismoSpect (SeismoSoft 2016),
by SeismoSoft. The individual spectra of the 16 pairs and the mean spectrum are presented in Figure
2.46.
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Figure 2.46 Spectra of the 16 pairs of natural signals and their mean.

In Figures Figure 2.47a to Figure 2.47c, the mean spectra for the set of 16 pairs and the two subsets of
9 and 4 pairs, respectively, are presented. The set of 4 pairs is comprised by the signals whose spectrum
is closest to the reference Eurocode spectrum. Subsequently the set of 9 pairs is comprised by the set

of 4 pairs plus 5 additional pairs that are a good match but not as good as the first 4 pairs. The set of 16
pairs is the initial set.
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Figure 2.47 Reference spectrum and mean spectrum for each set of signal pairs. a) 16 pairs; b) 9 pairs; c) 4
pairs

74



For all three sets, particularly both subsets (4 and 9), the EC8 criteria are satisfied: the zero-period
acceleration is larger in the mean spectrum than in the reference spectrum, and in the meaningful range
of frequencies for bridges the mean spectrum is never beneath the 90% reference spectrum.

In Figure 2.48, the mean of each of the three sets (16, 9 and 4) are compared. Attending to the difference
in the number of signals used for each mean result, one expects more variance in the mean values with
less pairs in the set. However, since the set with least pairs is also the one which comprises the spectra

more similar to the reference spectrum, the end result is that there isn’t much difference between the

three mean spectra.
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Figure 2.48 Comparison between the mean spectra of all three sets

In Figure 2.49 we have the spectra for the set of 4 pairs and 9 pairs plus and minus the standard
deviation. There isn’t a significant difference between the spectra of both subsets. For this reason, many
of the analysis inside the iterative procedures loop, which will be addressed later, will be done resorting
only to the 4-pair subset, and only at the end, for result confirmation will the 9-pair subset be used. It will

be shown, in fact, that there is no big difference between the mean results of each subset.
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Figure 2.49 Mean plus and minus standard deviation for the sets of 4 and 9 pairs.
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2.8.1 Mean response versus maximum response among all signals in set

When choosing to apply NDAs, a question arises on how to maintain reliability using the least number
of signals possible. And the directives by Eurocode 8 state the minimum of 3 signals to use the maximum
response among all signals or minimum of 7 to use the mean response. This is not a simple choice
since there is a rather large difference between using the mean response and using the maximum
response. Even following the criteria of Eurocode 8, one must be very careful in choosing the signals
for use of the maximum response, because slightly different signals can stimulate a very different
response in the structures, due to differences in the frequency content and peak sequences. For that
reason, to use the maximum response, extra care must go into the choice of signals. In fact, using the
mean response criteria allows having higher standard deviation between spectra of the signals in the
set without jeopardizing the overall results. However, in the case of using the maximum response, it is
enough for one of the spectra to have a peak at an important frequency value to influence the analysis,
originating a result too dependent on that single signal. On the other hand, the maximum response is
less time consuming than the mean response.

These issues must be weighed to decide on how to perform the NDAs because once again, deciding
between reliability or accuracy and efficiency is not a trivial decision. The number of accelerograms used

in this work is referred case by case in the next chapters.

76



3 Seismic structural optimization

3.1 Seismic optimization: Optimization and Normalization.

The proposed task is to develop a framework for bridge seismic design optimization. Optimization can
be, however, a somewhat vague concept. What will be optimized? What are the constraints of the
optimization? Optimization to a full extent in terms of amount of materials used, can deliver a design
which is not practical to build, for having too many different elements with different cross-section, and
thus would not be optimal for the construction phase. Normalization, on the other hand, means
simplifying the project towards efficiency, as with prefabrication. Therefore, optimization should also
mean normalization to some extent, but that is not enough. A structure might be normalized, but not
optimal. And regarding bridge design, a normalization format employed for one bridge might not be

applicable for another bridge.

The normalization format will depend on macro characteristics of the bridge, i.e., what kind of bridge it
is and what category it belongs to (short or long, regular or irregular). The optimization will have to do
with the variables chosen for optimization. In this thesis these will be the material quantities, constrained

by the chosen normalization format and by design limits.

3.1.1 Normalization

When designing a RC bridge for seismic action there are several design variables to consider. The main
ones are probably pier cross-section shape and size, amount of steel reinforcement in the piers, both
longitudinal and transverse, and the piers’ connections to the superstructure. In a bridge, it is common
to vary, from pier to pier, the amount of steel reinforcement and the connection to the superstructure,
depending on length and pier regularity along the bridge. The size and specially the shape of the pier is

not common to vary in the same bridge.

If the piers have all the same length, in principle there is no reason why the steel reinforcement should
be different from pier to pier. Also, if the bridge is not beyond a certain length, where temperature strain
becomes important, then there is also no reason for having piers with different connections to the
superstructure. This is the most simple and intuitive case of normalization. Other types of RC bridges,
especially irregular long bridges, will need different normalization formats and part of the work will be

testing and choosing between them.
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3.1.2 Optimization

After the normalization format is defined, the design variables can be optimized. The optimization
process is constrained not only by the normalization format, but also by design rules and by design
criteria to resist the earthquake action. The two latter constraints delimit what is called the feasibility
region of the optimization search, i.e., a solution is feasible if the design variables are inside possible
values and the resulting bridge can resist the earthquake action.

The ability to resist the earthquake action can be defined in different ways, and it depends on what are
the failure criteria of the structure. In the case of bridge piers, and in the framework of the current thesis
this has been defined as the compression strain in the concrete being larger than the ultimate strain of
confined concrete ecu. This is due to the fact that failure of concrete cover does not hinder the resistance
of the structure and only leads to repair needs.

The optimization search has the objective of rendering the solution/solutions inside these constraints

that minimize the amount of materials used.

3.2 Structural optimization

Structural optimization is the subject of making an assemblage of materials resist loads in the best way.
However, to make any sense out of that objective we need to specify the term “best” (Christensen and
Klarbring 2009). The first such specification that comes to mind may be to make the structure as light
as possible, i.e., to minimize weight. Another idea of “best” could be to make the structure as stiff as
possible, and yet another could be to make it as insensitive to buckling or instability as possible. Clearly
such maximizations or minimizations cannot be performed without any constraints. For instance, if there
is no limitation on the amount of material that can be used, the structure can be made stiff without limit
and we have an optimization problem without a well-defined solution or set of solutions. Quantities that
are usually constrained in structural optimization problems are stresses, displacements and/or
geometry. Note that most quantities that one can think of as constraints could also be used as measures
of “best”, i.e., as objective functions. Thus, one can put down a number of measures on structural
performance — weight, stiffness, critical load, stress, displacement and geometry — and a structural
optimization problem is formulated by picking one or more of these as objective functions that should

be maximized or minimized and using some of the other measures as constraints.

3.2.1 Design process

Of course, the criteria used as example above are purely mechanical, and there are other criteria that
can be used as objectives or constraints that correspond to economical, functional or aesthetical
considerations. Some of these are not so easy to define mathematically and are often taken into
consideration in other steps of the design process. In (Christensen and Klarbring 2009) these steps are

summarized as:
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1) Function: What is the function of the product (structure)? Concerning a bridge, how long and
broad should it be, how many driving lanes, what are the expected loads, etc.

2) Conceptual design: What type of construction method? What type of structural typology? What
are the possible pier locations and pier length? In bridge engineering these are all dependent
variables and a decision on the structural typology influences and is influenced by the
construction method, which in turn, is influenced by span length and whether the bridge is
inserted in a curve or not, and span length depends on where the piers can be located, etc.

3) Optimization: Within the chosen concept, and within the constraints of function, make the
product as good as possible. For a bridge it would be natural to minimize cost: perhaps by using
the least possible amount of material, and/or by normalizing design. But other objectives make
sense, especially concerning earthquake resilience.

4) Details: This step is usually controlled by market, social or aesthetic factors.

The traditional, and still dominant, way of realizing step 3) is the iterative-intuitive one, which can be
described as follows. (a) A specific design is suggested. (b) Requirements based on the function are
investigated. (c) If they are not satisfied, say the stress is too large, a new design must be suggested,
and even if such requirements are satisfied the design may not be optimal (the bridge may be overly
heavy) so we still may want to suggest a new design. (d) The suggested new design is brought back to
step (b). In this way an iterative process is formed where, on mainly intuitive grounds, a series of designs
are created which hopefully converges to an acceptable final design.

For mechanical structures, step (b) of the iterative-intuitive realization of step 3, is today almost
exclusively performed by means of computer-based methods like the Finite Element Method (FEM) or
Multi Body Dynamics (MBD). These methods result in that every design iteration can be done with
confidence, and they allow the design process to be more effective and efficient. However, this does not
lead to a change in strategy.

The mathematical design optimization method is conceptually different from the iterative-intuitive one.
In this method, an optimization problem is formulated mathematically, where requirements are
formulated as constraints, and the concept “as good as possible” is given precise mathematical form.
As a result, step 3) in the design process is given a much more methodical and automatic nature in the
mathematical design optimization method than in the iterative-intuitive approach. The subset of the
mathematical design optimization that deals with mechanical problems is termed structural optimization,

and in the next section, the basic formulation of such problems is presented.

3.2.2 Mathematical formulation of structural optimization problems

A structural optimization problem is essentially composed of the following components:
e Objective function(s) (f): This function is used to classify different designs. For every design
solution there is a corresponding value of the objective function f, which indicates the quality of
that design solution. The optimization problem can be defined either as a minimization or a

maximization problem, but the most common is to define the problem as a minimization
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problem. Usually f measures weight, displacement in a given direction and in a given node,
effective stress or strain or even cost of production.

Design variables (x): This is usually a vector that combines all the variables associated to the
optimization problem, and it is this vector that is changed during the optimization process. The
design variables usually correspond to material properties or geometry.

State variable (y): For a given structural design, that is, for a given design x, y is a vector that
represents the response of the structure. For a mechanical structure this means force,
displacement, stress and/or strain. This state variable is sometimes implicit in the formulations
because it is a function of x

Constraints (g): The constraints relate to the vectors of ¥, ¥ and also the objective function f
and correspond to limits, either physical, for example, due to buckling or maximum stress or
strain, or limitations imposed by design codes, for example maximum allowed displacement at

mid-span or maximum allowed percentage of flexural steel reinforcement.

A general structural optimization problem takes the following form:

3.2.3

minimize f(x,y) (3.1
9(f) <0
(80){ subjectedto 1 g(¥) <0
g9(x) <0
deS deUd' 1<d<n

Types of structural optimization problems

In structural optimization, x usually represents some kind of geometric feature of the structure.

Depending on the geometric feature, a structural optimization problem can be divided into three classes
(Christensen and Klarbring 2009):

Sizing optimization: This is when x is some type of structural thickness or a material quantity
i.e., cross-sectional areas of truss members (Figure 3.1), or the thickness distribution of a sheet,
or ratio of flexural steel reinforcement.

Shape optimization: In this case x represents the form or contour of some part of the boundary
of the structural domain. Think of a solid body, the state of which is described by a set of partial
differential equations. The optimization consists in choosing the integration domain for the
differential equations in an optimal way (Figure 3.2). Note that the connectivity of the structure
is not changed by shape optimization: new boundaries are not formed.

Topology optimization: This is the most general form of structural optimization. In a discrete
case, such as for a truss (Figure 3.3), it is achieved by taking cross-sectional areas of truss
members as design variables, and then allowing these variables to take the value of zero, i.e.,
bars are removed from the truss. In this way the connectivity of the nodes is variable so we may
say that the topology of the truss changes. If instead of a discrete structure we think of a

continuum-type structure, such as a two-dimensional sheet, then topology changes can be
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achieved by letting the thickness of that sheet take the value of zero (Figure 3.4). Frequently,
shape optimization is taken as a subclass of topology optimization, but since practical
implementations are based on very different techniques, so the two types are treated separately
here.

Initial design Optimized design

Figure 3.1 Sizing optimization applied to the cross-sections of a truss’ elements (Christensen and Klarbring
2009).

Figure 3.2 Shape optimization where the objective is to find the optimal shape n(x) under force F
(Christensen and Klarbring 2009).

Initial design Optimized design

[ ]

: |,

Figure 3.3 Topology optimization of a truss. Bars are removed by allowing cross-sectional areas to become

equal to zero (Christensen and Klarbring 2009).
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Figure 3.4 Topology optimization applied to a 2D continuum-type element (Christensen and Klarbring 2009).

3.3 Multi-objective optimization

The goal of optimization is to achieve a feasible solution which minimizes or maximizes one or more
objectives. The need of finding an optimal solution in a problem comes mostly from the extreme purpose
of either designing a solution for minimum possible cost of fabrication/construction-, or maximum
possible reliability, or others. Therefore, optimization methods are of great importance in practice,
particularly for engineering design, scientific experiments, and business decision-making (Deb 2001).

An optimization problem can be single-objective or multi-objective. When an optimization problem is
modelled involving only one objective function, this is a single-objective optimization problem. The
optimal set of a single-objective optimization problem has only one solution. Most optimization problems
that we are used to deal with are single-objective optimization problems, usually solved through
gradient-based methods. However, most problems in the real world have more than one objective
function. A multi-objective optimization problem is a trade-off problem, where you have more than one
conflicting objective, that is, the optimization of all objectives is not possible to obtain in one single
solution. Traditionally, this problem is addressed by developing a weight vector composed by a weight
for each objective, therefore transforming a multi-objective problem in a single-objective problem, also
called preference-based multi-objective problems. This solution has a drawback, since one must define
a priori a weight vector that defines the relative importance of each objective regarding all the others.
By defining a weight vector, one is already making a design decision and thus eliminating several
solution possibilities from being optimal, as will be shown later. Unfortunately, this must be done to solve
solutions through the traditional gradient-based methods, since these methods cannot handle multiple

solutions.
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3.3.1 Multi-Objective Optimization Problems

The fundamental difference between single-objective and multi-objective problems, is that in multi-
objective problems the optimal set has multiple solutions. This set is called the optimal Pareto set. A
Pareto set is composed by solutions that are not dominated by any other solution in that same set. The
short definition of domination is the following: a solution A dominates solution B, if A is not worse than
B in any objective, and A is better than B in, at least, one objective.

To illustrate these differences an example is given. In a decision to buy a car, there are several cars
available from which to choose, and the prices can range from under 10.000 euros to several hundred
thousand euros. Given car A with a cost of 10.000 and car B with a cost of 150.000, if this decision were
a single-objective optimization problem, with price as the only objective, then car A would be the optimal
solution. If car A were the cheapest car available, everyone would buy car A and car A would be the
only car on the streets. However, minimizing price is not the only objective if we add maximizing comfort
as a second objective the solution changes. It is intuitive that minimizing price and maximizing comfort
are usually conflicting objectives. The cheaper the car, the less comfortable and vice-versa. Let us say
that car A has a comfort level of 40% and car B of 90%, and there is no car more comfortable than car
B. For someone who is rich, and for whom price is not an issue, car B is the optimal choice. Cars A and
B are the extreme solutions, they are solutions that maximize one of the objectives, however there are
more possible choices in between these extremes that present a trade-off between price and comfort.
In Figure 3.5, a set of solutions, containing solution A and B, are presented. It is clear that each of these
solutions (A, 1, 2, 3 and B), in relation to any other solution in that set, is better in one objective and

worse in the other. This is a Pareto set for this two-objective problem.
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Figure 3.5 Price vs Comfort.
If there is no other feasible solution that dominates an element of this set, then this set is the optimal
Pareto set, which is the desired output of a multi-objective optimization problem. Also, it is interesting to

think that each solution in the optimal Pareto set corresponds to a different weight vector if one would

have transformed this multi-objective problem into a single-objective problem.
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3.3.2 Evolutionary Algorithms

As said before, the result of solving a multi-objective optimization problem is an optimal set with multiple
solutions, also called optimal Pareto set. To solve a multi-objective optimization problem, one must
resort to methods different than gradient-based methods. One family of methods capable of solving
these problems are evolutionary algorithms (EA).

Evolutionary algorithms are a group of metaheuristic search algorithms. This means that they are not
programmed to explicitly solve a mathematical problem, rather they search over a large feasible set of
possibilities to find an approximate solution to the problem, without the need to test the whole set of
feasible solutions. Evolutionary algorithms, as the name implies, are inspired and mimic nature’s
evolutionary principles. It is Darwinism applied to optimization problems. One of the main characteristics
of EAs is that in each iteration they use a population of solutions, instead of a single solution as in point-
by-point methods. Since EAs use a population of solutions at each iteration, the output of an EA is also
a population of solutions, which means that it is ideal for multi-objective optimization problems. In fact,
if an optimization problem has only one optimal solution, then all the solutions in the EA population will
converge to that optimal. On the other hand, if there is more than one solution, a well-designed EA will
have many of the optimal solutions in its final population.

In this work, the NSGA-II (non-dominated sorting genetic algorithm) was implemented and partly
modified to suit the problem in hand.

Genetic algorithms (GAs) are a type of EA. These are two concepts that commonly mean the same
thing. GAs are search and optimization procedures that are motivated by the principles of natural
genetics and natural selection. Some fundamental ideas of genetics are borrowed and used artificially
to construct search algorithms that are robust and require minimal problem information. In Figure 3.6,

we present a working procedure of a genetic algorithm, as shown in (Deb 2001).
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Begin

[ Initialize Population ]

Evaluation

Assign Fitness

No
;[ Reproduction ]

Y
[ Crossover ]

\ 4

[ Mutation ]

Figure 3.6 Working principle of a genetic algorithm in Kalyanmoy Deb (2001)

The procedure starts by generating an initial population of solutions, these solutions are evaluated for
each objective function of the problem and a fithess vector is assigned to each solution. A fithess vector
is nothing more than the evaluations of a solution by each objective function. A condition of convergence
is checked and in case the problem has not converged then the solutions are selected for reproduction
and are paired together (every solution is paired with another at random). Afterwards, an offspring
population is generated through a crossover operator that mixes the genetic information of the parent
population. Finally, some of the offspring are randomly chosen to undergo mutation of their genetic
information. The offspring population is then evaluated, and a new population is generated according to
the nature of the GA, whether it is an elitist GA or not. In the case of a non-elitist GA, the offspring
population is the new population in the next iteration. In the case of an elitist GA, the offspring population
is compared with the parent population and the least fit solutions of each population are removed,
generating a new population composed by a mixture of parents and offspring. The procedure continues
until a convergence criterion is met, usually this is a measure of convergence of the population’s most

fit solutions.
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There are different families of GAs. Elitist and non-Elitist GAs according to the way that solutions pass
from generation to generation; Real-parameter and binary-coded GAs according to the nature of the
variables, continuous or discrete. There are also several different types of selection, crossover and
mutation operators that must be well chosen to be applicable for the problem in hand. There are also
different techniques to manage constraints.
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4 Optimizing Earthquake Design of Reinforced Concrete
Bridges based on Evolutionary Computation

Techniques

This chapter presents a methodology for the earthquake design of reinforced concrete (RC) bridge
infrastructures based on the application of multi-objective evolutionary techniques. The purpose of the
methodology is to allow better decision making for the earthquake design of bridges by proposing
optimized solutions which offer trade-offs between material quantities, performance/robustness and
cost. For this, two multi-objective optimization problems (MOPs) were defined with two sets of
objectives: the first objective-set optimizes the amount of material used in the piers; the second set of
objectives comprises a cost function and a performance metric. The NSGA-II algorithm was adapted
and applied with real coded variables and multiple nonlinear dynamic analysis performed in each fithess
evaluation. The results of the runs show different Pareto fronts strongly associated with solution schema
of pier-deck connections and steel distribution between piers. The results also allow to perceive the
influence of ductility through the impact that certain variables in certain piers have on the performance
of solutions. The importance of support conditions/connections between infrastructure and deck and of
confinement of piers is clear. The results of the two MOPs show that sub-optimal solutions in terms of
volume of materials used may be interesting in terms of reliability gain. In the end, the results of applying

the methodology present solutions which offer trade-offs and information gain valuable for bridge design.

4.1 Introduction

Optimal earthquake design of structures is inherently complex, not only due to the complexity in
calculating the non-linear response of structures subjected to dynamic actions, due to geometrical and
material non-linearity, but also due to the earthquake action being a stochastic process with great
uncertainties. This makes it impossible to derive an analytical formulation for the problem of non-linear
seismic analysis, which means that any attempt in optimization cannot be performed by means of the
traditional gradient-based solutions. Hence, the inclination towards population-based methods and other
meta-heuristics, such as Genetic Algorithms, Simulated Annealing, Harmony Search etc. There have
been several studies of structural optimization using population-based approaches, mainly associated
to steel structures (Sarma and Adeli 2000) (Soh and Yang 1996) (Rao, et al. 1992). Much work has
since been done related to earthquake engineering, but not much work can be found for optimization of
reinforced concrete (RC) bridge infrastructure seismic design. The drawback for use in an earthquake
engineering context is that the computational demand associated with population-based strategies is
magnified with the need of using several earthquake records for the structural verification in a non-linear
dynamic analysis (NDA) framework; and even more so if a performance-based design approach is used,
where model uncertainty demands multiple tries, usually with Monte-Carlo simulations (MCS). In the

context of bridges, this non-linear dynamic framework can be a necessity, since it has been shown
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(Kappos, Saiidi, et al. 2012) that bridges, in particular long irregular bridges in terms of pier length,
should not be analysed through simplified methods, including non-linear static procedures. This situation
results from the fact that the response of the structure is usually associated to more modes than just the
first fundamental vibration mode and, furthermore, the importance of the modes can change during the
earthquake action as some elements suffer stiffness reduction and others don'’t.

The necessity of devising a framework for the optimization of such structures is real. It is also important
to be able to extract knowledge that can be generalized, from the process of optimization. In fact, the
timeframe for projects made in design firms is short, and so there is no time to perform an iterative
process of several NDAs, which are computationally demanding on their own, and NDA analysis
contemplates many runs in many iterations. Furthermore, NDA analysis requires specific software and
knowledge of nonlinear dynamic analysis and each run in each iteration takes minutes or hours to
complete (depending on the program used and model complexity), not seconds. Therefore, most firms
carry out their design using in-house “heuristics” and “common sense” based on experience or in
traditional beliefs, which in many cases may be flawed in terms of theoretical background (M. N.
Priestley 2003).

In this chapter a methodology is proposed for the seismic design of RC bridge infrastructures, based on
a two-phase approach application of evolutionary algorithms. In this two-phase approach, the
optimization is performed for two objective-sets, in which the second phase is initiated with the first
phase’s final population. The first phase employs two of the main objectives for infrastructure design,
trade-off between steel and concrete quantities, while the second phase searches the trade-off between
cost and performance. The optimization variables are associated to bridge pier design: pier-deck
connections, pier cross-section dimensions (diameter), flexural steel reinforcement and pier steel
confinement. All variables, with the exception of pier-deck connections, go into the calculation of the
objectives associated to material quantities and cost. The split in two objective-sets allows to reduce the
computational demand associated with performing the optimization over three or four objectives, which
is particularly important in a non-linear dynamic framework. The objective of the methodology is not only
to obtain optimized solutions associated to each objective-set, but also to utilize the entire population
generated during the search to extract meaningful information for design, associated to feasibility and
earthquake performance. Variable schema strongly associated to feasibility are identified, particularly
associated to non-quantifiable variables such as pier-deck connections. As for performance, variables
are ranked according to their importance on the seismic performance of the structure by evaluating the
evolution of their mean and variance values through progressive performance states.

The study’s structural model of the piers is a full fibre model where geometric and material non-linearities
are considered, from P-delta effects to non-linear constitutive relationships for the materials.

The NSGA-II (Deb, et al. 2002), mentioned in Section 3.3.2, was the adopted Genetic Algorithm (GA)
since it is a reference algorithm being one of the most used Multi-Objective Evolutionary Algorithms
(MOEAS), together with MOEA/D (Zhang and Li 2007) and MODdEA (Chow and Yuen 2012). It can well
address most types of multi-objective problems (MOPs) with very good results even with complex
MOPs. It was partially adjusted and modified for the problem addressed in this thesis of structural

seismic optimization, particularly concerning the genetic operators.
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There are many possible metaheuristics that can be employed for structural optimization, other than
GAs in general and MOEAs in particular. In the following section many examples of diverse
metaheuristic applications to structural engineering are presented. A review (Zavala, et al. 2013) of the
field of multi-objective metaheuristics applied to problems focusing on the optimization of the topology,
shape, and sizing of civil engineering structures shows the most relevant features of algorithms and
their applications.

This Chapter 4 paper will continue with Section 4.2 on related work, where more applications of different
techniques of meta-heuristic algorithms in the field of structural engineering are discussed, with special
emphasis on evolutionary computation techniques. Subsequent Sections 4.3 and 4.4 introduce the
dynamic behaviour of bridges and discuss the applied earthquake action, respectively. In Section 4.5,
evolutionary computation techniques are introduced more in depth, and the MOPs are characterized
with the definition of variables, objectives and constraints. Section 4.6 introduces the case study and

presents the results, and finally, Section 4.6.3 holds the concluding remarks.

4.2 Related Work

In structural engineering several studies have been made in applying different machine learning
algorithms with diverse objectives in mind. As it happens commonly, artificial neural networks (ANN)
have been applied to some extent. For example, for predicting structural response or for making
deterministic and probabilistic constraint checks, as in (Papadrakakis and Lagaros 2002). In this study
a GA and ANN hybrid is used to perform a reliability-based optimization (RBO). In a first phase, Monte-
Carlo simulations (MCS) are performed to train the ANN for structural response. In the second phase
the trained ANN predicts the structural response of the GA’s population, as the GA performs the
optimization with a single-objective function associated to total weight.

The harmony search algorithm was created in 2001 (Geem, Kim and Loganathan 2001), and has been
applied for structural optimization of steel structures (Geem and Lee 2004). In fact, steel structures and
in particular steel trusses have been the subject of several GA applications as well, due to the large
number of variables and the code restrictions, these structures were the subject of several early
applications of heuristics. It was for steel trusses that many early studies with hybrid GAs were
developed, especially Fuzzy-GAs (Sarma and Adeli 2000) (Soh and Yang 1996) (Rao, et al. 1992) that
integrate an FLC (fuzzy logic controller) for the population generation, with the goal of steering the
search strategy of the GA to a more expedite convergence.

More recent works have been done using different meta-heuristics applied to structural engineering.
The work (Tugilimana, Coelho and Thrall 2019) presents an application of simulated annealing and
gradient-based search which are applied to topology optimization, dynamic grouping and spatial
orientation of trusses. The optimization problem is single-objective and minimizes total volume of the
truss. The author of (Chikahiro, et al. 2019) employed a differential evolution (DE) algorithm to optimize
the reinforcement layout for deployable emergency mobile bridges. In this DE three single-objective
functions were employed: weight (W) minimization, load (P) maximization and a third objective function

which minimizes W+1/P. Another example is (Pedro, et al. 2017) which employs and compares many
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heuristics: Backtracking Search Algorithm (BSA), Firefly Algorithm (FA), GA, Imperialist Competitive
Algorithm (ICA) and Search Group Algorithm (SGA). The study performs a two-stage optimization with
a single cost objective for the design of steel-concrete composite I-girder bridge superstructures. In the
first stage the optimization is performed using an approximate analytical model to locate an optimum
region which is the starting point of the next stage, where a finite element model (FEM) is employed.
Specifically concerning GAs, there are many examples of recent works which employ GAs in structural
optimization. The authors in (Alam, Kanagarajan and Jana 2019) utilize a single-objective GA to perform
optimal design of thin-walled open cross-section columns for maximum buckling load. In this study, the
single objective maximizes the critical buckling load in a constrained problem where the total area of the
cross-section is kept constant. Combined effects of torsional and flexural buckling are considered, and
different geometries of cross-sections are generated in case-studies with varying column length. The
authors in (Arellano, Tolentino and Gémez 2019) employ the NSGA-II algorithm for a multi-objective
optimization, with three objective functions, of cable overlap length in multi-span cable-stayed bridges
with criss-cross cables. The authors in (Ha, Vu and Truong 2018) also utilised a GA to optimize the
design of stay cables of steel cable-stayed bridges, in this case minimizing the deck vertical and pylon
horizontal deflections coupled in a single-objective.

In building engineering, GAs are also employed for several applications as in (Lee 2019), where the
Neighbourhood Cultivation Genetic Algorithm (NCGA) is employed for the optimization of building
geometry as passive design and an HVAC system as an active design, using a multi-objective approach
with three objectives.

In the field of earthquake engineering, many papers have been published, where the application of GAs
or other heuristics are central to the work.

In (Tsompanakis and Papadrakakis 2004), an RBO is performed on steel buildings. The optimization
performed on a single-objective problem (SOP) with size variables, where the objective function is to
minimize structural weight. A two-level RBO is performed where on a first step a deterministic
optimization is done, followed by a stochastic optimization after having an initial convergence. The
authors in (Fragiadakis and Papadrakakis 2008) used the same method as in (Tsompanakis and
Papadrakakis 2004) but applied to RC buildings. Again, this author proposes a framework where a SOP
with size variables is solved. As it happens frequently in earthquake-resistant design of buildings, global
performance indicators are used, with special emphasis on inter-story drift ratio.

In (Liu, Burns and Wen 2003), a GA is employed in a method that optimizes structural earthquake-
resistant design with Life-Cycle Cost (LCC) considerations. It is applied to buildings using nonlinear
static (pushover) methods. The optimization problem is a MOP with two objectives: the first is the initial
cost of the structure and the second is lifetime seismic damage repair costs.

In (Lagaros and Papadrakakis 2007), the NSGA-II algorithm is employed for robust seismic design
optimization of steel structures. Here a multi-objective approach is done using two objectives associated
with weight and displacements.

The authors in (Rojas, Foley and Pezeshk 2011) developed a method to optimize steel buildings in a
PBD framework. In this instance, a two-objective problem is solved obtaining Pareto sets from which

there is some information extracted to aid decision making, resorting to the values of the objective
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functions that bound the Pareto set. The optimization is a sizing optimization, which is usually the case
in structural engineering works.

A few collections of works exist in (Lagaros and Tsompanakis 2007) and (Plevris, Mitropoulou and
Lagaros 2012). In both collections, many works from several authors are presented, where the main
theme is structural seismic design optimization. Different structures are analysed, and many heuristics
employed such as tabu-search, ANN, support vector machines (SVMs), particle swarm optimization
(PSO) etc.

More recent studies that employ meta-heuristics in earthquake engineering include (Mergos 2018). In
this study a GA optimizes the steel reinforcement of RC frames in a displacement-based framework,
using nonlinear pushover analysis. The procedure uses a single-objective function that minimizes cost.
In (Martinez, Curadelli and Compagnoni 2014) a method was developed for optimal placement of
nonlinear hysteretic dampers on planar structures under seismic excitation. The method optimizes a
single-objective function composed by two objectives associated with maximum interstory drift and base
shear force. In (Curadelli and Amani 2014), a two-objective SOP that optimizes an integrated design of
a frame structure and a passive control system is presented. The optimization is done for several
objective weights which are then presented in the form of a Pareto-front.

There are many studies that employ meta-heuristics in earthquake engineering and use ground-motions
for the analysis. Some examples include (Esfandiari, et al. 2018). In this study, a single cost objective
is minimized to optimize RC frames subjected to earthquake action. The earthquake action was
simulated by real accelerograms and the dynamic analyses were performed using three ground-
motions. In this study a particle swarm optimization algorithm was employed coupled with multi-criterion
decision making. In (Bybordiani and Kazemzadeh Azad 2019), an exponential big bang-big crunch
optimization algorithm is employed to perform optimization of steel frames under seismic loading
considering dynamic soil-structure interaction (SSI) in order to quantify the effects of earthquake records
on the optimum design. The optimization procedure minimizes a single-objective function related to the
weight of the structure and also employs three real ground-motions for the analysis. In (Wang, et al.
2019), a multi-criteria decision-making method (MCDM) is applied to optimize shape memory alloy
(SMA) cable restrainers for longitudinal seismic protection of isolated simply supported highway bridges,
through the minimization of a single-objective composed by the weighted sum of relative displacements
and base shear. In this case the dynamic analyses were performed with a set of five real accelerograms.
In (Azizi, et al. 2019), a SOP with objective function based on peak interstory drift is minimized by an
upgraded whale optimization algorithm employed for the optimization of a fuzzy controller applied to a
seismically excited nonlinear steel building. For the analyses a set of four real accelerograms was
employed, two near-field and two far-field.

Regarding the existing literature, the present work introduces a few approaches that are novel.
Furthermore, the study of seismic design of RC bridge infrastructures has not been extensively studied
in frameworks using meta-heuristics, as far as the author is aware. The following points intend to
highlight the novel aspects of this study and also the aspects in which this study is different than most

of the studies that employ GAs and other heuristics in structural optimization:
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1) As mentioned, not many works regarding optimization and meta-heuristics focus on RC bridge
infrastructure seismic design optimization. The works associated to bridge seismic optimization
typically focus on dissipation devices or are associated to cable-stayed bridges.

2) Few works use the results to derive decision making information. The author also did not find any
study that took advantage of the entire population generated in all runs to perform variable sensitivity
analysis, in the extent that is performed in this study.

3) It is difficult to find works that employ a two-phase optimization procedure with change in
optimization objectives. Only in an aforementioned work was a two-phase approach found (Pedro,
et al. 2017), but here the two-phase approach is associated to a change of fithess evaluation
method, and not a change in objective functions.

4) The majority of works employ SOPs or transform MOPs into SOPs by defining weights to the
objectives. It is easy to find works that employ MOPs, but they are, nonetheless, less common than
works that employ SOPs.

5) The majority of works that employ optimization meta-heuristics do not use fibre models and, in
general, resort either to static nonlinear analysis or dynamic analysis with lumped plasticity. In
addition, the analysis and design were performed in both directions (longitudinal and transverse)

simultaneously.

4.3 Bridge seismic design —typology and analysis

The seismic design of RC bridges essentially comprises the design of the infrastructures of the bridge,
namely piers, foundations, and abutments. Aspects like the length and cross-section of the bridge’s
superstructure (deck), position and number of the piers, are usually defined by other factors: topography,
soil, construction method, the type of rail or roadway in which it is inserted (freeway or not, number of
lanes, curve or straight alignment), cost, etc. Therefore, seismic design deals with geometry, size,
amount of steel for piers and foundations and with the connection between the piers and the
superstructure. In this work, the focus will be the design of piers and the connections to the

superstructure.

4.3.1 Structural model and analysis definition

The structural modelling and analysis were performed with the OpenSEES software (McKenna and
Fenves 1999).

43.1.1 Piers

The piers were modelled as force-based fibre elements and each pier divided into three of said
elements, with smaller elements closer to the extremities, where plastic hinges are expected to form.
Each element subdivided into 5 integration points. The cross-sections at each integration point are

divided into several radial and tangential (spike and wheel) fibre elements. The fibres follow the
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constitutive relationship of Kent-Scott-Park (Scott, Park and Priestley 1982) for concrete and Menegotto-
Pinto (Menegotto and Pinto 1973) for steel. The geometric non-linearities considered for the piers were

P-delta effects.

4.3.1.2 Deck

The deck was modelled as an equivalent elastic beam, with distributed mass. The mass matrix defined
was the consistent mass matrix. As for the connections between deck and superstructure, these were
modelled with two equalDOF constraints linking an extra node between the pier node and the deck
node. The equalDOFs then free the degrees-of-freedom associated with each type of connection, for

each direction.

4.3.1.3 Seismic analysis

The seismic analysis was performed by time-step integration of the ground motions using Newmark’s
average acceleration method to compute the time history, with parameters of a and 3 equal to 0.5 and
0.25, respectively. The solution of the nonlinear residual equation was done with Newton-Raphson
algorithm with line search to increase the effectiveness of the Newton-Raphson algorithm.

The time-step of the integration was 0.01s. The seismic analysis was performed simultaneously in the
longitudinal and transversal direction.

Non-convergence issues were only associated with non-equilibrium of P-delta effects.

4.4 Strong-motion records

Several pairs of natural strong-motion records were selected to perform the NDAs. They were selected
to match, as closely as possible, a specific EC8 response spectrum (CEN 2005), as shown in Section
2.8.

The 4-pair set in Figure 2.49 was chosen for the analysis. In the figure, one can compare the standard
deviation of the spectrum with 4 and 9 strong motions. It is visible that the standard deviation is not very
different in both cases, which suggest that results for a search procedure are suitable with 4 strong
motions. There are many works that employ similar number of ground motions in the search procedure:
(Azizi, et al. 2019), (Bybordiani and Kazemzadeh Azad 2019), (Esfandiari, et al. 2018) and (Wang, et
al. 2019).

4.5 Evolutionary Algorithms

451 NSGA-Il application and MOP definition

For this work, multiple objectives were defined for bridge optimization, and so the emphasis will be on

MOEAs and MOPs. There are several MOEAs, which vary in terms of genetic operators and other
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nuances, such as ability to address specific types of MOPs. There are also several types of MOPs in
terms of shape of Pareto set and front, disconnected MOPs, monotonic MOPSs, etc. There is extensive
literature about GAs (Deb 2001) (Goldberg 1989) that can be checked for more in-depth information
about these algorithms and the various nuances.

The Non-Dominated Sorting Genetic Algorithm (NSGA-II) was chosen for being a reference MOEA, a
very efficient and broadly applicable algorithm, and one of the most widely used GAs. The NSGA-II can
obtain, for most MOPs, a well distributed approximation of the Pareto-optimal front, very close to the
real Pareto-optimal front. A few modifications to the original algorithm were employed, particularly on
the genetic operators. The genetic operators were adapted from the MODdEA algorithm (Chow and
Yuen 2012).

As already mentioned, the goal is the optimization of RC bridge earthquake design of infrastructures.
The design of the piers is made in terms of size variables such as diameter of the concrete sections and
amount of flexural steel and confining steel. In addition to the size variables, there is another variable
type that can be defined as a convergence variable, i.e. a variable that does not affect directly the
quantitative optimization but affects the feasibility of solutions, which is the connection between the pier
and the superstructure. The methodology was applied to an irregular bridge in terms of pier length. As
already mentioned, fibre models were used for the piers and the structural analyses were performed
with the OpenSEES (McKenna and Fenves 1999) extension of the Tcl/Tk language interpreter. The
code was parallelized, and the runs were done with OpenSEESMP with multiple parallel processes, in
order to have a significant speed-up of the GA runs.

Parallelization was performed on an AMD Threadripper 1950X 16-core processor, capable of running
32 simultaneous threads. The message passing interface used was MPICH2. The elapsed time for a
one generation run, with the non-parallelized version was about 120 minutes and with the parallelized
version, running 32 simultaneous processes, was 6 minutes, resulting in a speed-up factor of about 20.
The processes that were parallelized were the individual NDA analysis of each solution. The speed-up
factor of 20 is lower than the theoretical speed-up value of 32, which is the number of parallel processes.
This loss in efficiency could be due to a bottleneck effect in the MPICHZ2, but the author is not sure.
Some typical bottlenecks were checked for, such as disk writing speed and communication overhead
between parallel processes, but these seemed not to be the issue. This was not pursued further since
it is somewhat beyond the scope of the work.

Different objective/fitness functions were studied, and GA runs were performed with 2 objectives. Only
local performance indicators were used, more specifically concrete compressive strain at the critical
sections of each pier. Unfeasibility (collapse) was defined as the violation of the ultimate concrete strain
at the critical sections of any pier at any point in time of the nonlinear dynamic analysis. Second-order
effects are considered in the analysis and there are a few constraints associated to maximum and
minimum steel ratio in the RC cross-sections according to EC8, maximum and minimum cross-section
diameters, respecting design limits, avoiding members that would be considerably affected by shear

and avoiding extremely slender elements.
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45.1.1 Overview of modified NSGA-Il application

The NSGA-II algorithm, as most GAs is composed by a selection, mutation and crossover operators.
In this application of NSGA-II, the reproduction/selection operator used is the constrained tournament
selection (CTS) method. The population size N of the GA runs was set to 128. The Extended Arithmetic
Crossover (EAX) and the Diversified Mutation (DM) operators were adapted from the MODdEA
algorithm (Chow and Yuen 2012), due to the property of being parameterless. In Figure 4.1, the
flowchart of the MOEA applied to the problem of seismic structural design is shown.
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Figure 4.1 Flowchart of the applied MOEA
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The working process of the algorithm is the following: 1) A random population, size N, is initialized; 2)
The population is evaluated based on the objectives and constraints. The objectives are material
guantities, steel and concrete, and the constraints are associated to structural resistance to earthquake,
and code requirements. The earthquake resistance is evaluated resorting to non-linear analysis
methods, either static or dynamic; 3) The population is ranked through a constraint domination
procedure, which defines the various Pareto levels; 4) The genetic operators are applied, and the
offspring population is obtained; 5) The offspring population is evaluated based on the objectives and
constraints; 6) The offspring population is merged with the parent population; 7) The constraint
domination procedure is applied to the merged population, comprised of the offspring and parent
population, and new Pareto levels are defined. Dominated solutions ranked worse, after the threshold
of N solutions is reached, are rejected, maintaining the population size constant at N solutions; 8) The
end criteria, which are maximum number of generations and convergence criteria applied to the Pareto-
optimal set, are checked. If they are not reached the cycle enters a new iteration, which starts back at

step 4).
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4.5.2 Pseudocodes of the optimization algorithm

Next the Pseudocodes of the “Main procedure” and of the “Procedure Fitness Functions” are shown:

Pseudocode of the Main procedure

Input: Population size N, Bridge Geometry BG, Earthquake EQ, Max number generations MaxGen
01 Begin

02 Initialize Current Population P, number generations nG = 0, num. stable gener. nsG =0
03 Fori=1To N Do

# Each bridge solution P(i) is subjected to the earthquake action #

04 Feasibility F(i) = Procedure Evaluate (P(i), EQ, BG)
# The result of the analysis defines feasibility #
05 (F(i), FFunc(i)) = Procedure Fitness Functions (F(i), P(i), BG)

# Fitness functions are calculated, and constraints are checked #
# If constraints don’t check: F(i) = feasible -> F(i) = infeasible #
06 End of For
# The current population is divided into Pareto levels #
07 Pareto Levels PLy = Procedure Constraint Domination (FFunc, F, P)
# 1) A feasible solution is dominated by a feasible solution with better fitness. 2) An infeasible
solution is dominated by an infeasible solution with better fithess. 3) A feasible solution always
dominates an infeasible solution. #
08 While nG < MaxGen And nsG <5 Do
09 Mating Pool MP = Procedure Constrained Tournament Selection (PL, P, FFunc)
# Each solution is selected twice for tournament. A solution wins the tournament if its
Pareto level is lower than the competition’s. If the Pareto level of two competing
solutions is the same, they are ranked based on a crowding distance metric measured

in the objective space. #

10 Offspring Os = Procedure Extended Arithmetic Crossover EAX (MP, P)

11 Offspring Mutation OsM = Procedure Diversified Mutation DM (Os)

12 Fori=1To N Do

13 Offspring Feasibility OF(i) = Procedure Evaluate (OsM(i), ES, BG)

14 (OF(i), OFFunc(i)) = Procedure Fitness Functions (OF(i), OsM(i), BG)
15 End of For

# The current population and offspring population are joined and then divided into

Pareto levels #

16 FFunc = FFunc U OFFunc; F = F UOF; P = P U OsM

17 While |PLy| < N Do

18 Pareto Levels PLy = Procedure Constraint Domination (FFunc, F, P)
19 End of While

20 P = P NPLy
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21
22
23
24
25
26

If PLY # PL;" Then

nsG =0
Else nsG ++
End If
nG++
End of While

Pseudocode of “Procedure Fithess Functions”

01
02
03
04
05
06

11
12

13

14
15
16
17
18
19
20
21
22
23
24

Input: Feasibility F(i), Solution P(i), Bridge Geometry BG
Begin
Initialize Steel Area SA =0, Concrete Area CA =0
FlexSteelList = P(i).FlexSteel; D = P(i).SectDiameter;
SectArea = wD?/4
For j =1 To Number of Piers Do

AS = FlexSteelList(j)

# Objective Functions #

SA = SA + AS - SectArea

CA = CA + SectArea

# Here the section diameter variable is the same for all piers. #

# End of Objective Functions #

# Constraints: shear effects. #

FLPiers(j)

. Sshear GAgp a(j)EI
ShearE = = ——shear —
frin SFlex FLP;:;(JF GAshear-LPiers(j)?

# Where a(j) is either 12 for monolithic piers or 3 for fixed piers.
If ShearEff(j) > 10% Then
Shear is True
End If
If (ShearEff) is True Then
SA = SAmax
CA = CAmax
F(i) = Infeasible
End If
End For
FFunc(i) = {SA, CA}
Return {F(i), FFunc(i)}
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45.2.1 Variables

The optimization problem was modelled with real discrete variables. The number of variables in the

model is equal to 3n + 1, where n is the number of piers in the bridge. The three variables related to

each pier are: 1) Longitudinal reinforcement steel; 2) Transversal reinforcement steel (for concrete core

confinement); and 3) Type of connection of the pier to the superstructure. In addition to these variables

associated to each pier, there is a global variable for all piers which is the cross-section diameter. It was

decided that the diameter of the piers, for a matter of aesthetics and standardization of construction,

should be a variable which would be kept equal for all piers, as it usually happens in bridge design. All

variables are real discrete.

1)

2)

3)

4)

Longitudinal reinforcement steel — This variable is the percentage of longitudinal steel reinforcement
in the cross-section ranging from the minimum according to EC8 - 2 (CEN 2005) of 0.6% and up to
3.50%. The discretization step is of 0.05%.

Transversal reinforcement steel — This variable is divided into tuple sets of confining steel rod
diameters and confinement spacing. Four possible variations were defined from a minimum
confinement of (10, 10) to a maximum confinement of (16, 10), where the first value is the diameter
of the steel rods in mm, and the second value is the spacing between the confinement in cm.

Type of connection of the pier to the superstructure — this variable was defined having 4 possible
values: 1) Monolithic connection; 2) Elastomeric bearings - Fixed-connection longitudinally and
restrained rotation transversally; 3) sliding connection longitudinally and restrained rotation
transversally; and 4) sliding connection in both directions. This variable does not translate into
quantities of material; therefore, it does not directly influence the objective functions, which are
focused on initial cost and material minimization. However, this variable is critical for obtaining
feasible solutions.

Cross-section diameter — While the other variables are related to one pier, this variable is the same
for all piers. The minimum diameter is 1.0 meter, and the maximum is 3.0 meters. These values are

default, and the upper and lower limits can be changed for different case-studies.

Figure 4.2 shows the generic cross-section with the variables 1, 2 and 4 identified.

Var 1-0.6% to 3.5%

Var 2 - ¢10//10 to
©16//10

Figure 4.2 Circular pier cross-section and decision space variables.

In Figure 4.3 there is a representation of the cross-section of the deck with elastomeric bearings. The

illustration’s purpose is to show that in the transversal direction, there is no rotation between the deck

and the pier, regardless of the connection between them, as long as there are two parallel supports per

98



column. This is due to the torque transmitted by both points of support. Therefore, rotations between

the deck and the column are only possible in the longitudinal direction.

Figure 4.3 Longitudinal (top) and transversal (bottom) representation of deck with bearings. Longitudinal
direction - fixed connection is possible. Transversal direction - the rotation at the top of the pier is always equal to
the torsional rotation of the deck.

45.2.2 Objective Functions

Two sets of objective functions were defined to be used in separate runs. The first objective function set
is composed by two objective functions: 1) concrete volume in the piers, and 2) steel volume in the piers.
A second set of objectives was defined, also composed by two functions, and which are usually used in
LCC analysis: initial cost and performance. The performance fithess function measures the difference
between compressive strain demand and maximum admissible compressive strain, and the initial cost
fithess function sums the price of steel and concrete in the piers by multiplying the volume of each by
the respective price per volume.

The reason for the use of two sets of objectives instead of one set composed by four objectives are
essentially two-fold: scalability and relative importance between the objectives.

In the scalability front, the fithess evaluations in earthquake design are very time-consuming and having
more objectives means increasing the population considerably and/or running more generations.
Furthermore, it is more difficult to have a good distribution along the Pareto front and there is also the
issue with representation and interpretation of the results.

In terms of relative importance between objectives, it makes sense to give more relevance to objective-
set 1. In reality, the main focus is steel and concrete amount and its trade-off. Also, since the last
population of the first run is used as the initial population of the second run, it means that the second

run is quicker because much of the search effort to find feasible solutions has been already performed.
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4.5.2.3 Fitness Evaluations

The fitness evaluations are based on the seismic NDAs of the generated bridge solutions, which are
done resorting to OpenSEES (McKenna and Fenves 1999). The seismic NDAs are performed with
multiple strong motion records, the value of the results of all strong motions are averaged and then the
structure is deemed as feasible or infeasible. During the search procedure, only 4 strong motion records
are used. At the end, the full set of records is used to confirm the quality of the solutions in the obtained

in the approximate Pareto-optimal set.

45.2.4 Constraints

The model has four constraints, three associated with the variables of the solutions and one associated
to the fitness evaluations, i.e., the seismic analysis.

The three constraints associated to variables penalize the solutions for excessive slenderness, for
having more than a defined threshold of sliding connections and for being vulnerable to shear effects.
The latter one is checked by checking if the ratio between elastic shear displacement and elastic flexural
displacement, assuming a force F assigned at the top of the pier and monolithic or fixed connection,

with a equal to 12 or 3, respectively, is lower than 10%:

5 FL (4.1)
Shear GAShear
= < 10%,
é‘Fle;vc F_L3 A)
akl

The fourth constraint, which is associated to the fithess evaluations, defines if a solution is feasible or
infeasible. At the end of the seismic analysis the maximum compressive strains are checked at each
fibre located in the critical sections of the plastic hinges that have formed, and it is checked whether the
compressive strain is larger than the maximum compressive strain for confined concrete, allowed in that
section. The maximum allowed compressive strain is calculated according to EC8 - 2 (CEN 2005)
considering the steel reinforcement in the cross-section, especially the confining steel. It is assumed
that shear failure is avoided by not allowing solutions with thick elements that would be prone to relevant
shear effects, according to equation (4.1).

There are two types of penalizations due to constraint violation:

e The first type of penalization is associated to the design constraints, such as non-compliance of
maximum slenderness, non-compliance of excessive shear effects due to short piers, non-
compliance of excessive displacements of the bearings, etc. The violation of these constraints
entails a penalization of the fitness functions fm by increasing them to their maximum value (in
a minimization problem), and by deeming them infeasible.

e The second type of penalization is associated to the failure in resisting the seismic action. In
this case, if the solution fails, it is simply deemed infeasible, but no penalization of the fitness
functions fy, is given. However, in comparison with feasible solutions, an infeasible solution is

always dominated by the former even if the fithess values are better. These solutions are always
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better than the ones who fail the design constraints (first penalization) since those, besides
being infeasible, have their fithess values maximized (in a minimization problem).
In conclusion, there are two types of penalizations but only one pertains to the fithess functions. The
penalization of the fithess functions is always the maximization of their values. This is to avoid more
subjective decisions as defining different penalizations according to different constraints, or levels of
violation of said constraints.
In case of non-convergence due to P-delta effects in any of the four ground-motions, the solution is
deemed infeasible.

45.25 Summary of the Multi-Objective Problem

The mathematical formulation of the problem follows:

[ 1min2 fm(X) (objective set 1) (4.2)
=ms

(min f; (%), max f, (X)) (objective set 2)
s.t.:
9:{(®¥) <0, 1<i<3

gi(fe(x)) =0, i=4
LdedSUd, 1<d<n

Where x is the decision variable vector with size n, and g; represents the four constraints. Constraint 1
to 3 are associated to slenderness, shear effects and excessive sliding connections. These three
constraints are functions of the decision variable vector, x. Constraint 4 is a function of the fitness

evaluation (seismic analysis) and relates to the structural collapse criterium (&cu-€c).

infeasibility = yes (4.3)
if grsis3(®) >0 = fizms2(X) = max fi<mez(0bj.set 1)
f1(x) = max fy, f,(x) = min f, (obj. set 2)
if 912i<3(X) < 0N gi=s(fe(%)) < 0 = infeasibility = yes
if g1<i<3(X) < 0N gi—s(fe(x)) = 0= infeasibility = no

Afterwards, in the constraint tournament selection and when defining constraint domination for solution
ranking and defining Pareto levels, infeasible solutions are always dominated by feasible solutions.
Between two feasible or two infeasible solutions, the fithess function values are compared and define
the domination.

4.6 Application example and results

An irregular RC bridge has been chosen to illustrate the methodology and show the results and
conclusions that are possible to draw from the application of the methodology. This work is proof of
concept and the chosen example is thought to be adequate to illustrate the merits of the framework,

since it is an irregular bridge with irregularity layout defined by piers increasing in height gradually from
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one abutment to the other making it a relatively complex bridge for seismic design. The author believes
that the successful application to this example is enough to show that the framework can be applied to
mostly any RC bridge, regardless of number of design variables or irregularity layout.

In Figure 4.4, a scheme of the bridge is presented. It is 280 m long and follows the irregularity layout
mentioned above. The piers are, from left to right: 7, 9, 11, 13, 15, 17 and 19 meters long. The cross-
section shape of the piers has been defined as circular. The cross-section of the superstructure is that

of a standard RC beam/slab as seen in Figure 4.5.

280 m

Figure 4.4 Longitudinal profile of the case study bridge.

\

21 m

e \O O] \O O

Figure 4.5 Cross-section of the case study’s deck.

The design variables, as mentioned before, are only related to the piers. The foundations are not
addressed in the analysis.
In Table 4.1, the values associated to the deck’s cross-section are presented and in Table 4.2, the mean

values associated to the material properties are presented. All values in both tables are deterministic.

Table 4.1 General properties of the Table 4.2 Material properties used in the
superstructure. model.

Span length (m) 35 Concrete

Cross-section (C30/37)

area (m?) 17675 fem (MPaQ) 38

Moment of Inertia Eem (GPa) 33

along vertical axis | 547.018 € (unconfined) 35

(m?) (%o)

Moment of Inertia Steel (AS00NR)

along horizontal | 5.272 fym (MPa) 585

axis (m%) Eym (GPa) 200

Torsional constant €su (%o) 94

10.932
(m*)

102



In Table 4.3 and Table 4.4, the decision variables are presented. The decision variables are the
variables which the optimization algorithm modifies in the search for the optimal solutions. The decision

variables are directly or indirectly associated to the optimization goals.

Table 4.3 Variables that compose the decision space of the MOP.

Pier 1 — | Pier 2 — | Pier 3 — | Pier 4 — | Pier 5 —| Pier 6 — | Pier 7 -

m 9m 11m 13m 15m 17m 19m
Connection to

X1 X2 X3 Xa Xs Xe X7
deck
Longit. Reinf.

Xs Xo X10 X11 X12 X13 X1a
steel
Section Diameter | Xis X1s X1s X1s Xi1s Xi1s Xi1s
Transv. Reinf.

X1e X7 Xi8 X19 X20 Xo1 X22
steel

Table 4.4 Variable intervals
Lower Value | Upper Value | Discretization Step

X1 to X7 1 4 1

Xsto X1a | 0.6% 3.5% 0.05%

Xis 1.0m 3.0m 0.025 m

Xwsto X2 | 1 4 1

This case study was optimized for two different objective sets. Multiple runs were performed for each

objective set.

4.6.1 Objective set 1: Steel volume + Concrete Volume

A total of 8 runs were performed for objective-set 1, the relative low number of runs has to do with two
aspects, first, the long time it takes for one run to complete, and second, the fact that the final Pareto
fronts are almost superimposed, and so little variability was found between the final results. In Figure
4.6, the 8 final Pareto fronts are presented. In Figure 4.7 the same results are presented but as concrete

and steel cost. The result of run 1 is presented in Figure 4.8, in the objective space.
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—8—1st run
—e—2nd run

3rd run
—e—4th run
—e—5th run
—e—6th run
—e—7th run
—e—3th run

Steel Volume (m?)
w
w [z

[
w

390 410 430 450 470 490 510
Concrete Volume (m?3)

Figure 4.6 Final Pareto fronts obtained from the 8 runs with objective-set 1.

31000
—e—1st run
29000 —a—2nd run
3rd run
27000 —8—4th run
—e—5th run
25000 —o—6th run
—e—7th run

—e—38th run

21000

Steel Cost (euros)
(%]
w
o
=]
S

19000
17000

15000
38000 40000 42000 44000 46000 48000 50000 52000

Concrete Cost (euros)

Figure 4.7 Final Pareto fronts obtained from the 8 runs with objective-set 1, presented as concrete and steel

cost.
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Figure 4.8 Results of GA run 1, in the objective space. The small red xs represent infeasible solutions, the
green xs are feasible solutions and the blue circles compose the approximate Pareto-optimal front.

In Figure 4.9, the progression of the fitness values of both objective functions are presented, related to

the 15t run. This gives an idea of the convergence of the algorithm applied to this problem.

Fit. Func. 1 - Concrete Vol. Fit. Func. 2 - Steel Vol.
£ @
S i
® 500 @ 57
=
o
&
2 1
o 450 ~
E T T T T T T
o 500{® [®
5|8 >e
£ 4751 @
5. | ¥ 41
T T T T T T T
= ] I ]
u 5
& o
450 i
£ 45070 i
E }
=
£ 3
= 400 -
0 50 100 150 0 50 100 150
Number Generations Number Generations

Figure 4.9 Results of the 15t run: mean fitness values in the population and mean and minimum fitness value

in the Pareto front. The results are related to each of the fithess objectives and per generation.
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To illustrate the degree of variability in the results, the mean and standard deviation of the approximate
Pareto-optimal fronts (POFs) are calculated and presented in Table 4.5. Also, the area enclosed by the

POFs’ standard deviation is compared with the approximate explored feasible region in Figure 4.10.

]
5.7
5.2
4.7
§ Area Feasible (A;) = 326.95
—4.2
e Agor = 14.07
2 Ao/ A =4.3%
=3.7
@
2
32
—e—Explored Feasible Region
2.7 - —s—Mean POF
Mean POF + Stdev
2.2
—e— Mean POF - Stdev
1.7
350 400 450 500 550

Concrete Volume (m3)

Figure 4.10 Comparison between the feasible region area and the envelope of the mean POF plus and minus
the standard deviation.

Table 4.5 Mean, standard deviation and coefficient of variation of the POFs.

Mean POF

Ccv SV | stdev SV | CoV SV
403.1 | 4.29 | 0.19 4.4%
411.7 | 3.98 | 0.13 3.4%
420.3 | 3.73 | 0.10 2.8%
429.0 | 3.56 | 0.06 1.8%
437.8 | 3.42 | 0.07 2.0%
446.7 | 3.28 | 0.05 1.4%
455.7 | 3.17 | 0.04 1.2%
464.7 | 3.09 | 0.04 1.2%
473.9 | 2.98 | 0.06 2.1%
483.1 | 2.90 | 0.04 1.3%
4925 | 2.85 | 0.06 2.0%
501.9 | 2.81 | 0.09 3.3%
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The results show small variability between the results of the runs. The author considered that this aspect
coupled with the knowledge that NSGA-II performs well even for non-convex and truly disconnected
MOPs (TYD-MOPs) (Chow and Yuen 2012) was enough to be confident with good approximation to the
real Pareto front. Nonetheless, there are several performance metrics in the literature and
methodologies to evaluate the quality of solutions presented in the Pareto fronts (Fonseca and Fleming
1996) (Zitzler and Thiele 1998). One of the most used metrics is the Hypervolume metric (Beume, et al.
2009) and another one is the Empirical Attainment Function (EAF) (Fonseca, et al. 2011).

The following analysis of the trade-off solutions will be performed based on only one run.

Figure 4.8 shows that below the approximate Pareto-optimal front (POF), characterized by the blue dots,
there are no feasible solutions, however above the POF, there continues to exist a large density of
infeasible solutions. This has to do with essentially two factors:

e Inadequate set of connections between piers and superstructure, which largely influences the
ductility demand of each pier.

o Whether the critical piers, in terms of ductility demand, are well confined. In addition, the critical
piers, in terms of ductility demand, are different for different connection sets between piers and
superstructure.

The approximate Pareto-optimal set (POS) is characterized by solutions with a pattern in the values that
some variables assume, particularly the connections of the piers to the superstructure are the same
throughout the entire set, while other variables such as steel reinforcement and pier diameter vary from
solution to solution. However, even the steel reinforcement between the piers follows a given distribution
pattern.

Besides the approximate Pareto-optimal front (POF), there are other sub-optimal Pareto fronts
associated to different sets (schemata) of connections of the piers to the superstructure, and different
steel distributions. As for the solutions in the POS, they all present the pier-deck connections present in
Figure 4.11.

i T T | | A

Figure 4.11 Representation of the pier-deck connections present in the POS solutions.

The gain of the runs with objective-set 1 is two-fold. First, a trade-off is obtained between the volumes
of reinforcement steel and concrete employed in the design of the piers. Second, the algorithm finds the
best combination of connections (Figure 4.11) and steel distribution.

In Figure 4.12 and Figure 4.13, one can see the trade-offs between the variables associated to the

objectives of the solutions present in the POS.
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3.50%

3.00%

2.50%

2.00%

1.50%

Percentage of Flexural Steel

1.00%

0.50%

0.00% . X . . . . .
Pier 1 Pier 2 Pier 3 Pier 4 Pier 5 Pier 6 Pier 7

2.375 0.60% 3.50% 3.35% 3.05% 2.60% 2.20% 0.85%

2.4 0.75% 3.40% 3.40% 3.35% 1.85% 1.10% 0.60%

2.425 0.60% 3.40% 3.45% 3.30% 0.95% 0.80% 0.60%
245 0.60% 2.70% 3.50% 3.30% 0.80% 0.80% 0.60%
=0=1 475 0.60% 3.35% 3.50% 1.95% 0.65% 0.80% 0.65%
——3 5 0.60% 2.45% 3.40% 2.30% 0.70% 0.70% 0.75%
—f=7525 0.60% 2.50% 3.50% 1.45% 0.85% 0.60% 0.75%
7 55 0.60% 1.95% 3.45% 1.60% 0.70% 0.80% 0.60%
=8=)5/5 0.60% 2.15% 3.40% 1.05% 0.60% 0.80% 0.70%
——7 6 0.60% 1.75% 3.30% 1.05% 0.65% 0.70% 0.70%
—f—2.025 0.65% 1.40% 3.45% 0.90% 0.65% 0.65% 0.65%
= 65 0.60% 1.40% 3.30% 0.90% 0.60% 0.65% 0.60%

Pier Position

Figure 4.12 Solutions in the POS showing trade-off between flexural steel at each pier per pier diameter, as
well as the steel distribution. The series labels refer to pier diameter values.
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Confinement Level
(o]

Pier 1 Pier 2 Pier 3 Pier 4 Pier 5 Pier 6 Pier 7

2.375 1 2 4 1 1 1 1
2.4 1 3 4 1 1 1 1
2.425 1 2 4 1 1 1 1
245 1 2 4 1 1 1 1
=) 475 1 1 4 1 1 1 1
- 5 1 1 4 1 1 1 1
) 575 1 2 4 1 1 1 1
) 55 1 2 4 1 1 1 1
) 575 1 2 4 1 1 1 1
) 1 2 4 1 1 1 1
) 675 1 2 4 1 1 1 1
) (5 1 2 4 1 1 1 1
Pier Position

Figure 4.13 Solutions in POS, showing the confinement level required at each pier, and the small variability in

results. The series labels refer to pier diameter values.

The steel distribution shows an increasing necessity of steel as we decrease the pier diameter. As the
critical pier, Pier 3, reaches the maximum steel allowed, the steel must be distributed to the other piers,
to increase global resistance. As for the confinement level, it does not vary by much. The critical pier
(Pier 3), which has the largest ductility demand, is the one with most of the confinement requirements,
and since confinement only has a local effect, the variability is not so large as with flexural steel where
the change in one pier can alter the global bridge behaviour. It is also clear that there are very well-
defined patterns of steel distribution associated to the pier-deck connections that optimize the
earthquake resistance.

The variable values associated to the connections have already been explained in 4.5.2.1. The values
for the confinement are defined as 4 possible confinement configurations, where the value of 1
corresponds to minimum confinement of 10mm steel rebar spaced by 10cm, and the value of 8 is the
maximum confinement of 16mm steel rebar spaced by 10 cm. The complete set of confinement solutions
is {{10, 10} {12, 10} {16, 15} {16, 10}}.
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4.6.2 Objectives set 2: Initial Cost + Performance

The initial population for this GA run, is set as the final population of the previous GA runs, performed
with Objective set 1. This has a couple of advantages: the search effort, to reach the feasible region, is
reduced and the optimal and sub-optimal solutions from the previous GA run are compared according
to performance and price functions.

The cost of material was fixed at 0.82 euros/kg for ASOONR steel, and 100 euros/m? for C30/37 concrete.
The cost is only associated to the material in the piers. It is important to refer that the different pier-deck
connections also have different costs, but these were not accounted for in the cost function.

The performance was defined as the minimum difference between maximum compressive concrete
strain allowed (ecu) and compressive concrete strain recorded (gc) in any given section in the piers. Again,
the compressive concrete strain is the only criteria for collapse since, elements prone to shear effects
are avoided. To note in this instance the optimization problem is a minimization-maximization (Min-Max)
problem, where cost is to be minimized and performance maximized, unlike with Objective-Set 1, which
is a Min-Min problem. This results in a different position of the Pareto front in the cartesian graph of the
objective space, as visible in Figure 4.14, than compared to the Pareto front from Objective-set 1.

Six GA runs were performed with objective-set 2 and in Figure 4.14 the POFs are presented. The results
show, as with objective-set 1, a small variability in the results, with all POFs almost super-imposed.

In Figure 4.15, one of the runs is presented, with feasible and infeasible solutions visible. The green Xs
represent feasible solutions, the red dots represent infeasible solutions, and the blue circles represent
the POF.

5.00E-03
4.50E-03
4.00E-03
8 3.50E:03
2 3.00E-03
& 2.50€-03 —e—1strun
E 2.00E-03 —8—2nd run
‘E 1.50E-03 3rd run
1.00E-03 dth run
5 00F-04 —8—>5th run
0.00E+00 —a8—6th run
60000 65000 70000 75000 80000

Cost (euros)

Figure 4.14 Final Pareto fronts obtained from the 6 runs with objective-set 2.
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Figure 4.15 Result of run 1 with objective-set 2, where the red dots represent infeasible solutions, the green

Xs represent feasible solutions and the blue circles represent the approximate Pareto-optimal front (POF).

The interest in these runs is to associate performance levels, associated to structural safety/reliability
under seismic action, and to identify what variables have larger influence in the increase of safety, and
what does increase in safety look like in the objective space of objective-set 1.

In Figure 4.16, the entire population history from the 6 GA runs with objective-set 2 is presented in the
objective space of objective-set 1. In addition, colour coding divides the solutions in different

performance levels. The performance levels are in Table 4.6.

Table 4.6 Definition of the performance levels

Perf.
1 2 3 4 5
Lvls
0.0- 0.0015- | 0.003- | 0.0035- | >
€cu- €
™ 100015 | 0003 |0.0035 | 0.004 | 0.004
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Figure 4.16 Solutions of all populations/generations analysed in all 6 runs with objective-set 2, represented in
the objective space of objective-set 1.

The performance levels appear to be parallel to the Pareto front. All solutions continue to have the same

pier-deck connections (Figure 4.11) that were obtained in the POS solutions with objective-set 1.

4.6.2.1 Solution selection

To illustrate a final decision, an example of a solution that could be chosen by a decision maker is one
located close to the knee region of Figure 4.15 and is presented in Table 4.7. Knee regions of Pareto-
fronts are interesting because they represent zones where a slight increase in one objective means a
large degradation in another and are thus good regions to look for final solutions (Parreiras and
Vasconcelos 2009).

Table 4.7 Selected solution's variables and objectives

P1 P2 | P3 | P4 | P5 | P6 | P7
P-D connect. 3 2 1 1 1 1 1
% Flex. steel 0.6 341352406 |06 |06
Confin. level 1 3 4 2 1 1 1
P Diam (m) 2.5
Cost (Euro) 66500
Perform. (ecu-€c) | 0.0024

In Figure 4.17 and Figure 4.18, the solution is shown in the objective space of both objective sets.
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Figure 4.18 Selected solution in objective-set 1.

There are also many methodologies for decision making in multi-objective optimization (Parreiras and
Vasconcelos 2009) (Zhang, Chen and Chong, Decision consolidation: criteria weight determination

using multiple preference formats 2004), which can be applied in future works.

4.6.2.2 Variable importance

The main objective of the run with objective-set 2 is the identification of important variables that have
large influence on structural safety/reliability. In a search procedure as is a GA, where variables are
varied from solution to solution, by classifying solutions according to well defined performance levels, it

is logical that the variables that have a decreasing CoV and monotonic behaviour of the mean value as
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the performance level increases, are likely to be important variables since that shows that they are
correlated to an increase in the performance level.

In Figure 4.19 and Figure 4.20, the mean values and CoV of the flexural steel reinforcement variables
in each performance level are presented. These results are obtained from the entire feasible population

of the 6 GA runs, which is in total 47966 solutions.
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Figure 4.19 Mean flexural steel reinforcement of all feasible solutions in each performance level, per pier.
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Figure 4.20 Coefficient of variation of the flexural steel reinforcement variables in each performance level, per

pier.
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In Figure 4.21 and Figure 4.22, the mean values and CoV are presented for the confinement steel

reinforcement.
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Figure 4.21 Mean confinement steel reinforcement of all feasible solutions in each performance level, per

pier.
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Figure 4.22 Coefficient of variation of the confinement steel reinforcement variables in each performance

level, per pier.
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The results presented in Figure 4.19, Figure 4.20, Figure 4.21 and Figure 4.22, show which variables
are most important and allow to perform a rank of importance of those variables on structural
safety/reliability. This is shown by the monotonic increment of the mean value as the performance level
also increases. In addition, the decrement of the CoV also shows that the variable is allowed less and
less variation as the performance level increases which is also a measure of criticality. In that sense the

flexural steel reinforcement can be ranked, from most important to least important:

1. Pier3
2. Pier 2 and Pier 4
3. Pierb

For flexural steel reinforcement piers 1, 6 and 7 are of little importance, since their CoV is always very
large and also does not present a decreasing monotonic behaviour.
As for the confinement steel reinforcement, it can be ranked, from most important to least important:

1. Pier3

2. Pier2

3. Pier4
In terms of confinement steel reinforcement piers 1, 5, 6 and 7 are of little importance for the same
reasons explained in the case of the flexural steel reinforcement.
The results from the GA runs show that pier confinement and pier-deck connections, and not only
flexural steel reinforcement and its distribution between the piers, are critical variables for the feasibility
of solutions, which goes in line with the importance of ductility in seismic design. The critical piers are
the ones that have shorter effective lengths, as expected. The increase in performance level by
increasing the flexural steel reinforcement in non-critical piers shows the ability of redistribution of forces
in ductile structures subjected to earthquakes.
As mentioned earlier, the cost function does not account for the cost of pier-deck connections. This can
be an issue if the costs are very different between connections, and if there is significant variation in the
pier-deck connections among feasible solutions. As mentioned previously, the POS solutions all have
the same pier-deck connections and so the impact of that issue in these runs will be minimal. In other
implementations the cost of the connections can be added to the cost function to reflect the impact of

the price differences between connections in the overall cost of the solution.

4.6.3 Conclusions

The application of the GA for the optimization of RC bridge seismic design has allowed to find patterns
in the feasible solutions that are associated to combinations of connections between infrastructure and
superstructure, as well as critical piers in terms of ductility demand. The results show that to obtain a
feasible solution, the connections and the confinement of critical piers is vital as expected, besides the
amount of flexural reinforcement. The methodology can be applied to aid in the early stages of the
design to define critical variables. The Pareto fronts for objective-set 1 show a clear trade-off between
volume of steel and volume of concrete in the piers. For objective-set 2, we obtain a trade-off between

initial cost and safety margin. This safety margin is an initial brush on LCCa and PBD, also giving an
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idea of the relevance of sub-optimal solutions obtained with objective-set 1 and allowing a better notion
of the importance of certain variables.

Also, the analysis of the entire search population of a GA run and classification of the solutions according
to attribute values can be very useful for extracting knowledge from large and complex data, both in
quantity of instances and variables. The identification of critical variables/attributes can be important for
the engineer and doing this for several bridge typologies can provide an important knowledge base for
design.

To reiterate the main highlights of this study, concerning novel approaches and applications:

e A two-phase approach is defined, with change in objective-set, which allows to explore more
objectives without a scale-up in population size and number of generations per run.

e The study optimizes bridge infrastructure seismic design in a multi-objective framework in which
trade-off solutions between steel and concrete volume, and cost and performance are obtained.

e The optimization allows to perceive correlation between feasibility and certain variable
arrangements (schema), namely associated to pier-deck connections.

e The entire search history of the GAs is used for sensitivity analysis of the decision variables,
checking their relative importance in different pre-defined performance levels. This allows to
define critical variables.

e The methodology can be applied in design firms for more complex irregular bridges which are
difficult to design for seismic actions. Design firms can also use the methodology for
identification of critical variables for different bridge layouts in order to extract design rules and
guidelines.

In terms of drawbacks, one of the most noticeable is the time expensive nature of these analyses. As
mentioned in 4.5.1, the fitness evaluations were parallelized between 32-threads, which allowed for a
speed-up of a factor of 20, reducing the run-time for one generation from 120min to 6min. The total
runtime varied from run to run, depending on the number of generations, but frequently was around 15
hours (150 generations). Without parallelization of processes it would be impractical. This is one of the
main difficulties for applying this method in design firms, alongside the difficulty to implement the
methodology with commercial software suites.

In order to reduce this time complexity, a solution can be to apply a single-objective version, with cost
as the objective. This would reduce the necessary population size and the number of generations of a
run. The drawback would be not having information gain from the objective trade-off. However, since
time constraints are significant in design firms, this could prove advantageous.

Another possible approach to reduce the time complexity of the optimization procedure, especially in
cases with very long bridges where the number of design variables can become very large, would be to
bundle piers into pier groups according to pier height and location along the bridge. In this situation,
piers belonging to the same pier group would have the same variable values, thus resulting in a

significant variable reduction. The advantages would be in terms of standardization of design.
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The techniques and methodologies presented in this chapter have several possible applications, not
only limited to the optimization of a given bridge but also applied towards more general analyses, such

as calibration of behaviour factors, as is presented in the next chapter.
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5 Revision of behaviour factors

Seismic behaviour factors represent the ratio between the strength of a structure, assuming it always
maintains an elastic behaviour, and the strength demand with plastic behaviour and consequent loss of
stiffness, at the seismic target displacement. This value is closely related to ductility and to energy
dissipation due to hysteretic behaviour. The use of behaviour factors allows to design structures with
elastic models, without having to explicitly account for material non-linearity while taking advantage of
ductility. However, the definition of these values is not easy, and is dependent on several factors. In
bridges, these factors can be, among others, regularity of the bridge in terms of pier height, concrete
and steel quality, size of elements and amount of steel reinforcement, pier confinement, etc. These
factors influence ductility demand and available ductility in different ways and through Multi-Objective
Optimization, MOO, the infrastructure solutions that maximize the use of the available ductility under a
given earthquake action and for a given bridge superstructure, pier height scheme and ductility class
according to Eurocode 8 — part 2, can be obtained. Those optimized solutions, which are obtained
through the minimization of steel and concrete in the piers as concurrent objectives, are associated with
the maximum behaviour factors that can be used in the design of a given bridge and can be compared
with the values recommended by EC8 — part 2. Without loss of generality, the methodology is applied
to a set of case-studies composed of RC bridges with four 30-meter spans and circular piers, analysed
in the longitudinal direction and without accounting for abutment effects. With the results from the MOO,
the behaviour factors associated to solutions with different ductility levels and pier irregularity schemes
are calculated and equations are derived, relating the obtained behaviour factors with a pier irregularity
measure and ductility level. The results also show the importance of the choice of stiffness used in the

design process.

5.1 Introduction

The discussion on behaviour factors is not new and has been the matter of several works throughout
the years and applied to different types of structures. Related to this discussion, over the last two
decades, the understanding of seismic behaviour of structures and seismic analysis methods have
evolved greatly. The works by Priestley have identified a variety of myths associated to seismic analysis
and design (M. N. Priestley 2003) and underlined the importance of ductility in seismic resistance,
among other aspects. As a result, new paradigms in earthquake engineering have surfaced such as the
well-known displacement-based design (Priestley, Calvi, et al., Displacement-Based Seismic Design of
Structures 2008) (Calvi, Priestley and Kowalsky, Displacement-Based Seismic Design of Bridges 2013),
which takes ductility into account explicitly in the seismic design of structures. Even though
displacement-based design may be more adequate to earthquake engineering than force-based design,
the latter one is still widespread in engineering firms. In addition, designs obtained with linear elastic
methods frequently end up not being checked with non-linear methods. Therefore, the discussion

surrounding behaviour factors is still important and remains the subject of extensive studies.
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A few examples of these studies are presented. An earlier example is the work (A. J. Kappos 1999),
where ductility and overstrength were accounted for in the evaluation of behaviour factors of medium
and low-rise concrete structures. In this work, the behaviour factor was presented as q = q,q,q¢, where
Us, qu and gg represent, respectively the overstrength-dependent component (both elastic and plastic),
the ductility-dependent component and the damping-dependent component (only if additional
dissipation elements are added). In more recent works, (Kappos, Paraskeva and Moschonas 2013)
behaviour factors were analysed for concrete bridges in Europe, where a set of existing bridges with
different characteristics were studied. Subsequently, the gs and qu values were calculated for each case.
More recently a study (ZiZzmond and Dol$ek 2016) calculated the impact of several factors, that are
implicit in design according to Eurocodes, in the values of gs and gu. Factors such as mean material
strength, capacity design, actual amount of reinforcement and minimum Eurocode requirements, were
evaluated for three concrete structure sizes. The assumptions and requirements prescribed by the
Eurocodes that are implicit in the behaviour factor values were taken into account in the present study
(Fardis, et al. 2005) (Kolias, et al. 2012). In this study, the methodology for the evaluation of the

behaviour factors uses novel techniques of meta-heuristic search algorithms.

The purpose of the study presented in this chapter is, resorting to non-linear methods and optimization
algorithms, to obtain optimal earthquake designs of reinforced concrete bridges, and then check what
the maximum behaviour factor would be if that bridge design had been obtained through linear elastic
force-based methods. The study focuses on RC bridges with four 30-meter spans and circular piers,
analysed in the longitudinal direction. The purpose is then to ascertain which variables related to bridge
geometry, material quantities and constitutive relationships have more influence in the ductility and in
the behaviour factors. Finally, for each case study, the minimum and maximum behaviour factor values
are checked and equations that relate the behaviour factors with the ductility demand are derived. Thus,
the optimization of design resorting to evolutionary algorithms, and using non-linear analysis methods
for the evaluation of the solutions yields reliable results that minimize the difference between ductility
demand and available ductility, while simultaneously maximizing available ductility. This means that the
solutions that are obtained from that optimization, effectively maximize the usage of ductility and
represent the solutions that correspond, for a given bridge, to the maximization of the behaviour factor,
which can then be compared to the values defined in Eurocode 8 (CEN 2005) (CEN 2005). In addition,
by performing several runs while varying parameters such as concrete quality, steel post yield stiffness,
maximum allowed confinement, pier height irregularity, etc., one obtains a sensitivity analysis of the
behaviour factor’s value in respect to those parameters.

The structure of this chapter is the following: in 5.2 the behaviour factor is defined according to EC8. In
Section 5.3, the objectives and methodology are presented. In Section 5.4, the definition of the case
studies, its’ variables and constraints, as well as the definition of the earthquake action and integration
with the NSGA-II algorithm (Deb, Multi-Objective Optimization Using Evolutionary Algorithms 2001), are
presented. Section 5.5 is where the results, discussion and derivation of expressions that associate the

obtained behaviour factors with ductility and pier irregularity are shown.
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5.2 Behaviour Factors and Ductility

5.2.1 Behaviour factors in EC8 — part 2

The behaviour factor reflects the structure’s available ductility only if the ductility demand matches it.
According to EC8 — part 2 (CEN 2005) the behaviour factor reflects the capability of ductile members to
withstand, with acceptable damage but without failure, seismic actions in the post-elastic range. EC8 —
part 2 also defines a list of available levels of ductility and respective behaviour factors and defines the
requirements for a structural element to be considered a ductile member. The procedure for which the
behaviour factors are to be applied is linear elastic analysis based on the design spectrum defined in
EC8 — part 1 (CEN 2005).

In EC8 — part 2, the requirement for defining a member as ductile is the capability to develop flexural
plastic hinges, which is deemed to be ensured when certain detailing rules and capacity design
procedures are applied. The behaviour factor’s values are also dependent on regularity and axial force

in the members.

5.2.1.1 Regular and irregular seismic behaviour of ductile bridges

The regularity of the bridge can influence the value of the behaviour factors. The way to take that into
account, according to EC8 - part 2, is through the calculation of a local force reduction factor, rj,
associated with member i, and relating to the maximum value of design moment at the intended plastic
hinge location, Meq,i, and the design flexural resistance of the same section with its actual reinforcement

under the concurrent action of the non-seismic action effects in the seismic design situation, Mra,i:

. Mgg i (5.1
' MRd i
It can be considered that the ratio % is not a good measure of irregularity, as the yield curvature of a
Rd,i

cross-section varies very little with Mra (M. N. Priestley 2003). Therefore, varying Mra does not delay or
anticipate yielding of a cross-section, so it almost does not affect energy dissipation. An indicator of
irregularity must be a measure of differences in the beginning of the plastification of columns plastic
hinges, therefore should be a function of column yield displacements. This can eventually be expressed
as a function of columns geometry (height and dimension in the flexural plane at the plastic hinge) and

boundary conditions but is almost independent of Mrqd at the plastic hinges.
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5.3 Objectives and Methodology

The prime objective of this study is to perform a review on behaviour factor values used for the design
of RC bridges to resist earthquake actions, in the longitudinal direction, and compare against values
prescribed by EC8. Another objective is to present the methodology of the study, which takes advantage
of the results from multi-objective optimization to obtain optimized solutions in terms of the use of their
ductility. Finally, and not less important, the presentation of expressions for calculating the behaviour
factor according to pier irregularity and ductility class, or even independently of the ductility class. To
carry out these objectives, a methodology was devised and is presented. The methodology can be

summarized in the following steps:

1. Definition of the case-studies in which variables that have influence on ductility are varied, with
emphasis on pier irregularity and confinement. These case-studies are composed of RC bridges

with four 30-meter spans and three circular piers.

2. Optimization search with Evolutionary Algorithms (EA) (Goldberg 1989) for each case-study —
A set of solutions are obtained that maximize the ratio between ductility demand and available
ductility in the piers, while minimizing the amount of material in the piers and guaranteeing
seismic resistance. The solutions obtained from this algorithm are not the result from a design

method, they are the result from a metaheuristic search, and therefore are unbiased.

3. Calculating the behaviour factors of the optimized solutions of each case-study — The behaviour
factors that would be necessary to design the optimized solutions obtained from step 2, if a

traditional force-based design procedure were to be employed.

4. Comparison of the obtained behaviour factors with the behaviour factors prescribed in EC8 and

finding expressions that correlate ductility and pier irregularity with the said behaviour factors.

Central to this methodology is the application of multi-objective evolutionary algorithms, particularly the

same modified NSGA-II applied in the previous chapter.

5.4 Bridge Seismic Design — Longitudinal Direction

The optimization procedure obtains solutions which simultaneously maximize the ratio between ductility
demand and available ductility without reaching the collapse criteria, while minimizing the amount of
material used (total concrete and steel in the piers). This means that the solutions in the final Pareto-
optimal set (POS) of each case-study correspond to the maximum behaviour factor values that can be
used, for that bridge, since the ductility and the demand are both maximized. In non-optimized solutions,

we may have more available ductility, but if that ductility is “unused by the structure” during the
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earthquake action, then it doesn’t exist for matters of the response of the structure. With this
methodology, it is possible to do a comprehensive comparison of maximum behaviour factors, varying
multiple characteristics and variables associated to RC bridges, from material quality to relative pier

length, etc.

5.4.1 Definition of case-study bridges: variables and earthquake action.

The bridges that will be analysed in this study are relatively short bridges with three piers and span
lengths of 30 meters. These bridges will only be subjected to the earthquake action in the longitudinal
direction. The cross-section shape of the piers is circular. The deck is simply supported on the columns,
that is, there is compatibility of horizontal and vertical displacements between both, but the deck and
columns are free to rotate relatively to each other. In the abutments the only deck displacements
restricted are the vertical ones, the horizontal longitudinal displacements are free. Usually expansion
joints are designed to ensure this. Possible restrictions to deck longitudinal displacements by the
abutments were not considered.

There are two types of variables in the model. The first type is associated with the variables that are
varied during the optimization process, that is, in the MOEA procedure. These variables are related to
the design of the piers. The second type are variables that remain constant during the optimization
process (MOEA) but are varied to make different case-studies. These variables are generally not

associated to pier design but influence the results.

5.4.1.1 Optimization variables
1. Longitudinal reinforcement steel — This variable is the percentage of longitudinal steel
reinforcement in the cross-section of each column (it can change between columns) ranging
from the minimum according to EC8 - 2 of 0.6% and up to 3.50%. The discretization step is of
0.05%.
2. Cross-section diameter — While the other variables are related to one pier, this variable is the
same for all piers. The minimum diameter is 1.0 meter and the maximum is 2.5 meter.

Figure 5.1 shows the generic cross-section with the variables 1 and 2 identified.

Var 1-0.6% to 3.5%

Figure 5.1 Circular pier cross-section and decision space variables.
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5.4.1.2 Case-study variables
The second type of variables are, mostly, not directly associated to pier design and are not modified
during the optimization process, as already mentioned. The purpose is to obtain the sensitivity of ductility

and maximum behaviour factor values for several variables. The variables are the following:

e Concrete quality: B35, B45

e Pier irregularity (relative pier length ratio): 7-7-7, 7-9-11, 7-11-14, 7-14-21, 7-8-9, 5-5-5, 5-
7-9, 5-9-11, 5-11-14, 5-6-7, 5-7-7 and 5-5-7 (where in each set the numbers represent the
height of the 3 columns of the bridge

o Self-weight (weight of the deck): 3120-ton, 6240-ton

e Steel post-yield stiffness: 1000 MPa (0.5% Es), 2000 MPa (1.0% Es)

The various case-studies were defined through combinations of the values of these variables. Each one
of the variables influences the ductility of the model in different ways. The purpose is to try to have a

comprehensive study of the main factors that influence ductility of RC bridges.

5.4.1.3 Earthquake action

The seismic analysis method used in the execution of this work was non-linear static analyses with the
N2 method (Fajfar 2000). The earthquake spectrum relative to earthquake type 1, zone 2, soil type C
from Eurocode 8 — Part 1 and the Portuguese National Annex (IPQ 2010) was selected as the
earthquake action for all case-studies, which corresponds to a PGA of 0.285g.

The N2 method was applied for the analyses of bridges in the longitudinal direction, which can be
reduced to a single degree of freedom (SDOF) problem in a straight bridge. In these cases, the N2
method produces reliable results according to (Kappos, Saiidi, et al. 2012), since the influence of modes

other than the fundamental vibration mode is negligible.

5.4.2 Finite element model definition

The structural models used for the simulation of the earthquake response of the solutions were defined
and analysed with OpenSEES software (McKenna and Fenves 1999), particularly the variant
OpenSEESMP which facilitates to run several models in parallel. The OpenSEES/OpenSEESMP
software is a library extension of the Tcl/Tk language interpreter. This facilitates the integration of
structural analysis with several pre- and post-processing programming procedures, which is
fundamental for integrating structural design and analysis with optimization algorithms.

For the modelling of the bridges in OpenSEES, fibre elements were used for the piers, specifically force-
based fibre elements. Each pier was divided into three elements, where the elements containing the
expected plastic hinges had a larger density of integration points to better capture curvature variations.

The deck was modelled as a linear elastic element.
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5.4.2.1 Material properties

The mean values of the materials’ mechanical properties were used. For the steel, the material used
was A500NR, and B35 and B45 for the concrete. The values used to define the steel constitutive
relationship were taken from (Pipa 1993) and are shown in Table 5.1. The values for the concrete are

shown in Table 5.2.

Table 5.1 Mean values for the mechanical properties of the AS00NR SD steel from Pipa.

Mean values A500NR SD
fym (MPa) — yield stress 585
fum (MPa) — ultimate stress 680
Eym (GPa) — Young modulus 200
€sy (%0) — yield strain 2.93
€sh (%o0) — strain at beginning of hardening 14
€su (%o) — ultimate strain 94

Table 5.2 Mean values for the mechanical properties of the B35 and B45 concrete.

Mean values B35 (C30/37) | B45 (C40/50)
fem (MPa) — unconfined maximum stress 38 48
Ecm (GPa) — Young modulus 33 35
€cu (%0) — unconfined ultimate strain 3.5 3.5

5.4.2.2 Materials’ constitutive relationships

The model used for the concrete fibres was a Mander concrete material object (Mander, Priestley and
Park 1988). The stress and strain values used in the concrete model were calculated using the
expressions in Annex E from Eurocode 8 — part 2 for confined concrete, and particularly for circular
sections. For the steel reinforcement fibres, a uniaxial Giuffré-Menegotto-Pinto model with isotropic
strain hardening was used. For both concrete and steel, the constitutive relationships were built using

mean values of material properties, shown in Table 5.1 and Table 5.2.

5.5 Results and Discussion

5.5.1 Case-studies

The case-studies, to which the optimization procedure was applied, resulted of combinations of the
case-study variables defined on 5.4.1.2. These so-called case-study variables remain constant
throughout the optimization procedure, while the optimization variables constitute the variables that are

changed during the optimization procedure. This way, the impact of the case-study variables on the
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ductility and behaviour factors become apparent since there are 29 case-studies covering many
combinations of the defined case-study variable values. In Table 5.3, the case-studies with the

respective combination of variables are presented.

Table 5.3 Case-studies and respective variables.

Case-study | Pier height (m) | Deck weight (ton) | Concrete | Ductility Class | Steel post-yield stiff. (MPa)
11 555 3120 B35 Ductile 1000
12 555 3120 B35 Limited Ductile | 1000
13 555 6240 B35 Ductile 1000
2.1 777 3120 B35 Ductile 1000
22 777 3120 B35 Limited Ductile | 1000
2.3 777 3120 B35 Ductile 2000
2.4 777 3120 B45 Ductile 1000
25 777 6240 B35 Ductile 1000
31 7911 3120 B35 Ductile 1000
32 7911 3120 B35 Limited Ductile | 1000
41 7 11 14 3120 B35 Ductile 1000
42 7 11 14 3120 B35 Limited Ductile | 1000
43 7 11 14 3120 B35 Ductile 2000
5 1 579 3120 B35 Ductile 1000
52 579 3120 B35 Limited Ductile | 1000
6_1 59 11 3120 B35 Ductile 1000
6 2 59 11 3120 B35 Limited Ductile | 1000
71 5 11 14 3120 B35 Ductile 1000
72 5 11 14 3120 B35 Limited Ductile | 1000
8_1 789 3120 B35 Ductile 1000
8 2 7809 3120 B35 Limited Ductile | 1000
91 56 7 3120 B35 Ductile 1000
9 2 567 3120 B35 Limited Ductile | 1000
101 557 3120 B35 Ductile 1000
10 2 557 3120 B35 Limited Ductile | 1000
11 1 577 3120 B35 Ductile 1000
112 577 3120 B35 Limited Ductile | 1000
12 1 7 14 21 3120 B35 Ductile 1000
12 2 7 14 21 3120 B35 Limited Ductile | 1000

The procedure, for each case-study, is to run the MOEA modifying the optimization variables defined in
5.4.1.1, while keeping the variables in Table 5.3 fixed. The optimization variables are modified in the
MOEA procedure with the goal of minimizing the MOP objectives. The MOP objectives are: 1) area of
concrete in the piers; 2) area of steel in the piers. Additionally, for the solution to be feasible, the solution
must be able to resist the earthquake action. The analysis is performed with non-linear static procedures.

The main collapse criterion is excessive compressive strain in the concrete, at the plastic hinge sections,

126



which means that it is assumed that capacity design provisions are enforced, thus preventing other
failure modes.

The cross-section confinement placed in each solution is equal to the minimum confinement associated
to each of the ductility classes defined by EC8 - part 2. To attain such pier confinement levels for each
solution, the amount of transverse reinforcement needed for each pier's critical cross-section is
calculated individually. The transverse reinforcement is thus dependent on the reduced axial force,
flexural steel and cross-section size of each pier. This way, all piers of all bridge solutions are guaranteed
to have the minimal confinement prescribed by EC8 for the respective ductility level (Ductile or Limited
Ductile). In this sense, the confinement level is not an optimization variable, but can be considered,
indirectly, a case-study variable since it is associated with the ductility class from Table 5.3.

5.5.2 Behaviour factors obtained from the optimization runs

The POSs (Pareto-optimal sets), which are obtained at the end of the optimization runs, represent the
solutions that are optimal in regard to the objective functions (material quantities), and as a result
maximize the use of their available ductility, hence maximizing their behaviour factor. For every solution
in the POSs, the ultimate displacement (Ru) is thus almost equal to the target displacement (Sdx), as it
is visible in Figure 5.2. Furthermore, the POSs were obtained without resorting to any preconceived
notions of design, other than capacity design provisions and code limits, and are the result of the process
of an evolutionary algorithm, EA, with the N2 method being used to perform the seismic analysis. Hence
the results have no bias associated to pre-conceptions of a seismic design method for RC structures,
since they are merely the result of a search process with a meta-heuristic tool.

In Figure 5.2, an example of the N2 method applied to a bridge solution in POF 3-1 is shown. The bi-
linearization used in the N2 method was done preserving the area under both curves (capacity curve
and bi-linearized curve) equal, from the origin to Sdk.

Fel,eff

Fum

Fym /’ 0

1
0 / Ry sdy Sdt =Ru

0 0.05 0.1 0.15 0.2 0.25
Displacement (m)

Acceleration (m/s?)
I

Figure 5.2 Example of application of N2 method to one of the POF solutions of case-study 3-1.
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For every case-study, for every solution, the behaviour factor (q), its plastic overstrength-dependent
component (gs) and its ductility-dependent component (qu) are calculated:
e Behaviour factor (q) — Can be defined as q = Fe;orr/Fyq = 1.5 g5 * q,, Where the value of
1.5 relates to Fym/Fya (Mmean yield/design yield), used in EC8, which also accounts for actual
amount of reinforcement used among other factors (Fardis, et al. 2005). Overall, it accounts
for overstrength in the elastic range.
e Plastic overstrength-dependent component (gs) — Is defined as the ratio F,,,, /F,,, which are
both identified in Figure 5.2.
e Ductility-dependent component (qu) — Is the ratio F,; .¢r/F,m, Which are both identified in

Figure 5.2.

The obtained behaviour factor values are presented for comparison with the behaviour factor values
prescribed in EC8. The logic in calculating the behaviour factors of the POS solutions is answering the
question: “How much would the behaviour factor need to be, in order to obtain a solution with similar
seismic resistance to the one obtained from the optimization algorithm?” Furthermore, the solutions
generated and analysed during the optimization runs each provide a behaviour factor value. The set of
behaviour factor values of all solutions, not only optimised ones, yields an idea of the range of values
for the behaviour factor, associated to different pier irregularities, among other variables.

In Table 5.4, Table 5.5 and Table 5.6, the results of the POS obtained from the optimization runs of
three case-studies (CS 3-1, CS 4-1 and CS 8-1) are presented. Here the variables of the optimal
solutions are presented with the results of the behaviour factor, the partial components related to
overstreng